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Abstract

The Northridge earthquake of January 17, 1994, highlighted the two previously
known problems of premature fracturing of connections and the damaging capabili-
ties of near-source ground motion pulses. Large ground motions had not been expe-
rienced in a city with tall steel moment-frame buildings before. Some steel buildings
exhibited fracture of welded connections or other types of structural degradation.

A sophisticated three-dimensional nonlinear inelastic program is developed that
can accurately model many nonlinear properties commonly ignored or approximated
in other programs. The program can assess and predict severely inelastic response
of steel buildings due to strong ground motions, including collapse.

Three-dimensional fiber and segment discretization of elements is presented in
this work. This element and its two-dimensional counterpart are capable of modeling
various geometric and material nonlinearities such as moment amplification, spread
of plasticity and connection fracture. In addition to introducing a three-dimensional
element discretization, this work presents three-dimensional constraints that limit
the number of equations required to solve various three-dimensional problems con-
sisting of intersecting planar frames.

Two buildings damaged in the Northridge earthquake are investigated to verify
the ability of the program to match the level of response and the extent and location
of damage measured. The program is used to predict response of larger near-source
ground motions using the properties determined from the matched response.

A third building is studied to assess three-dimensional effects on a realistic irreg-
ular building in the inelastic range of response considering earthquake directivity.
Damage levels are observed to be significantly affected by directivity and torsional
response.

Several strong recorded ground motions clearly exceed code-based levels. Prop-
erly designed buildings can have drifts exceeding code specified levels due to these
ground motions. The strongest ground motions caused collapse if fracture was in-
cluded in the model. Near-source ground displacement pulses can cause columns

to yield prior to weaker-designed beams. Damage in tall buildings correlates better



with peak-to-peak displacements than with peak-to-peak accelerations.

Dynamic response of tall buildings shows that higher mode response can cause
more damage than first mode response. Leaking of energy between modes in con-
junction with damage can cause torsional behavior that is not anticipated.

Various response parameters are used for all three buildings to determine what
correlations can be made for inelastic building response. Damage levels can be
dramatically different based on the inelastic model used. Damage does not correlate
well with several common response parameters.

Realistic modeling of material properties and structural behavior is of great value

for understanding the performance of tall buildings due to earthquake excitations.
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Chapter 1

Introduction

The Northridge earthquake of January 17, 1994, produced some of the strongest
ground motions ever recorded in California even though the magnitude (M =
6.7) was only moderate. The strongest shaking was recorded in areas with little
building development. Smaller ground motions did affect areas with a high density of
development and some types of modern buildings exhibited unexpected degradation
mechanisms, such as the fracture of welded connections in steel frames (Bertero,
Anderson, and Krawinkler 1994).

Steel moment frame buildings have been considered to be the most ductile type
of construction, so codes allowed engineers to design for elastic displacements due to
one-twelfth of the expected energy demand on a building. This design level corre-
sponds to earthquakes having a 10% probability of exceedance in 50 years. The large
reduction in demand is based on the assumption that a building possesses enough
ductility to dissipate the expected energy demand through inelastic deformations
(SEAOC 1990). The unexpected brittle behavior of beam-to-column connections in
these frames caused great concern in the engineering community. Many researchers
and practitioners have investigated new connections and ways of repairing exist-
ing connections. Other researchers and practitioners have developed new analytical
tools to predict or assess damage to steel moment frame buildings.

The philosophy of the building code in the U.S. has historically been to protect

lives by avoiding structural collapse during strong earthquakes. However, much



evidence now exists that ground shaking from earthquakes can be more severe than
what is represented in the building code (Hall, Heaton, Halling, and Wald 1995).
Large, rapid ground displacements produced in the region toward which the fault is
rupturing (near-source effects) can be particularly damaging for flexible structures,
and thus their potential for causing collapse is a concern. Amplitudes of near-source
ground displacements, both fault-parallel and fault-normal components, can be on
the order of ten meters for magnitude 7 and larger earthquakes. Occurrence of a
large earthquake close to a major city is inevitable (Heaton 1997).

There is still a debate over the level of strong ground motions to be used in
building design. Other investigators claim that the simulated ground motions used
in Hall, Heaton, Halling, and Wald (1995) exceed measured ground motions and
that we should rely on existing records only. The simulations used in that study
were scaled down from the Landers earthquake of 1992. One investigator told the
author that he discarded results that suggested collapse because he thought the
engineering community would not believe such results.

While there is great dissent among researchers as to how strong design ground
motions should be and as to the extent of possible damage (collapse), they are all in
agreement as to the need for more sophisticated analysis techniques. The reviewer
of research on seismic response of structures at the 1997 NEHRP Northridge earth-
quake research conference concluded, “Some investigators question the rationality
of current code design procedures based solely on implicit life safety considerations
and suggest application of more sophisticated analysis techniques for design of ma-
jor buildings in near source regions” (Naeim 1997). The reviewer of research on
steel buildings concurred, stating it is “clear that the ability to analyze structural
behavior may not be as good as many engineers have expected. It is clear that
models often need to consider a wide range of factors such as composite action,
P-A effects, nonstructural walls, and offsets in geometry if models are to accurately
predict structural behavior. Engineers need to examine the validity of their models
carefully if the analyses are to provide useful results” (Roeder 1997).

There is a need for increasingly sophisticated analysis techniques to evaluate the



safety of buildings that could be subjected in the future to ground motions more
severe than anticipated by design codes. Such assessment techniques should have
the capability of predicting the likelihood of collapse and so must include all features

of a structure that contribute to its performance.

1.1 Objectives

The objectives of this work are to develop a sophisticated three-dimensional analyt-
ical program capable of modeling structural behavior in severely inelastic response
and to use the program to assess and predict response of several buildings. The goal
is to show that realistic modeling of material properties and structural behavior is of
great value for understanding the performance of tall buildings due to earthquake
excitations. Realistic modeling includes slab and non-structural stiffness contri-
butions and panel zone and foundation flexibility among other commonly ignored
effects.

In order to analyze common frame layouts of three-dimensional structures, a
three-dimensional element needs to be developed that is discretized along its length
into segments and through its cross section into fibers. This element should be
capable of modeling various geometric and material nonlinearities such as moment
amplification, spread of plasticity and connection fracture.

Objectives of the analysis in this work include:

e Investigate two buildings damaged by the Northridge earthquake that have
recorded roof displacements and reported connection fractures. Verify the ac-
curacy of this program to predict the level of response and extent and location

of damage observed.

e Upon verification, use the program to assess effects of larger near-source earth-

quake records on these buildings.

e Use the program to determine what correlations can be made between var-
ious response parameters from different building models. This includes the

difference in response between ductile and brittle connection behavior.



e Use the program to assess three-dimensional effects on irregular buildings in

the inelastic range of response considering earthquake directivity.

Analysis of building response to strong motions considering connection fracture and
other nonlinear behaviors requires new tools. The development of a tool capable of

performing such analysis and its use are described in this work.

1.2 Background

1.2.1 Fractured Connections

Fracture of beam-flange to column-flange moment connections is not a new “dis-
covery” (SAC 1998) of the Northridge earthquake. Few full-scale tests have been
performed on these connections, and premature fracturing in the weld or immedi-
ately adjacent have occurred in a significant number of these tests. In Popov and
Stephen (1970), good levels of inelastic behavior were achieved in each of eight spec-
imens, but five of the eight specimens had connection fractures. The investigators
concluded emphatically that “the quality of workmanship and inspection is exceed-
ingly important for the achievement of best results” (Popov and Stephen 1970). A
later investigation (Popov, Amin, Louie, and Stephen 1985) claimed to be testing
the largest specimens to date for this type of application — beams and columns
40 cm (18 in) deep each. Each of the eight specimens fractured with very little
inelastic beam rotation. Adequate levels of inelastic behavior were achieved, mostly
due to plastic deformations of the panel zone. A month before the Northridge
earthquake, Engelhardt and Husain (1993) investigated welded flange-bolted web
connections and found that “Plastic rotations developed by the beams prior to con-
nection failure were judged to be poor to marginal for severe seismic applications.
All connections failed by fracture at or near the beam-flange groove welds.” Collect-
ing earlier studies and their own work, Engelhardt and Husain (1993) concluded,
“A careful review of design and detailing practices, as well as welding and quality
control issues appears to be warranted for this connection detail.”

An additional problem that was not documented is that engineers extrapolated



the minimal results available on small section sizes without considering size depen-
dence of fracture. Changes in architecture introduced the need for larger column
spacing and this demand was filled by advancements in milling capabilities. Larger
sizes became available and were used without testing. Larger flange thicknesses
inherently have more flaws than thinner sections and require more passes of larger
beads of weld material. The tests that suggested steel moment frame connections
had substantial ductility were based on member sizes with flange thicknesses less
than 1.8 cm (0.71 in). Two buildings damaged in the Northridge earthquake and

investigated in this work have flange thicknesses exceeding 3.2 cm (1.26 in).

1.2.2 Ground Motions

Some of the strongest ground motions ever recorded were recorded during the
Northridge earthquake. A general conclusion of investigators was that strong pulses
in the records created by near-source effects were responsible for a lot of damage and
that building codes do not account for these motions in any way (Naeim 1997). The
1997 Uniform Building Code (ICBO 1997) now addresses stronger ground motions
due to near-source effects to some extent. Like the connection fractures, the knowl-
edge of damaging strong pulses is not new, either. Bertero, Mahin, and Herrara
(1978) pointed out, “Near-fault records of the 1971 San Fernando earthquake con-
tain severe, long duration acceleration pulses that result in unusually large ground
velocity increments. A review of these records along with the results of available the-
oretical studies of near-fault ground motions indicates that such acceleration pulses
may be characteristic of near-fault sites in general.” They performed an analytical
study of a severely damaged building and concluded that the main features of the
damage were due to these pulses.

A later study, Anderson and Bertero (1987), made several conclusions about
strong ground motions. Impulse ground motions require more ductility from build-
ings with fundamental periods close to the pulse duration. Directivity of fault
propagation is important. Code static lateral loads cannot be used to evaluate the

behavior of structures that experience significant inelastic behavior. Peak ground



accelerations are not a good measure of the impact of the ground motions on a
building. While these conclusion are sound, no changes were made to the code.

The Northridge earthquake highlighted the two previously known problems of
premature fracturing of connections and the damaging capabilities of near-source
ground motion pulses. Large ground motions had not been experienced in a city
with tall steel moment-frame buildings before. These buildings had been designed
with codes that do not account for such strong near-source motions and the member
sizes exceeded tested sizes. The combination of questionable connections with ex-
trapolated sizes experiencing ground motions not accounted for in design certainly
would explain the damage that was uncovered as a result of the earthquake. Still,
no steel moment frame building with the connection type discussed has ever col-
lapsed in the United States (SAC 1998). On the other hand, several steel buildings
collapsed in Kobe after the 1995 Kobe earthquake and earlier in Mexico City after
the 1985 Mexico City earthquake.

Now that a known problem and more strong-motion records exist, analytical
sophistication must be developed to assess or predict the behavior of steel moment
frame buildings subject to these strong motions. Recent studies ((Hall 1995), (Hall
1997) and (Maison and Kasai 1997)) have suggested that some recorded strong mo-
tions and other hypothetical motions can cause collapse in these structures. These
investigations have all been two-dimensional, so the impacts of torsional mode ex-

citation and mass and stiffness irregularities have not been explored.

1.2.3 Analysis

This thesis presents a three-dimensional time history analysis approach that com-
bines many inelastic and nonlinear effects to produce a very realistic model to cap-
ture severely inelastic structural behaviors. This approach can model connection
fracture and predict response due to strong ground motions of arbitrary orienta-
tion.

Many investigators have developed nonlinear analysis software for building struc-

tures, but they are mostly simplified and limited in the scope of nonlinear behavior



they can model. A small number of programs are available for use in a typical design
office that include nonlinear effects, such as SAP90 and ETABS. These programs
perform nonlinear time history analysis by integrating nonlinear modal equations
with Ritz modal vectors included for each nonlinear element (Wilson 1997). This
technique is fast when there are only a few nonlinear elements, but when every
beam and column end can behave inelastically, this technique will no longer be effi-
cient or accurate. Some engineers have used more advanced programs like DYNA3D
(Hallquist 1988) intended for other fields at great financial and computational cost.
Other firms have developed in-house programs originally developed in academia like
ISTAR-ST (Lobo (1994) and Lobo, Skokan, Huang, and Hart (1998)). In academics,
there are several nonlinear time history programs such as DRAIN-2DX (Allahabadi
and Powell 1988) and (Prakash, Powell, and Filippou 1992), DRAIN-3DX (Prakash,
Powell, and Campbell 1994), CU-DYNAMIX (El-Tawil and Deierlein 1996) and
FEAP-STRUC (Taucer, Spacone, and Filippou 1991).

Most of the programs above are limited to allowing plastic hinges to form at the
ends of members. There has been a lot of research on modeling the full inelastic
behavior of a member through zero-length hinges at member ends. Various models of
axial-bending interaction surfaces that will initiate plasticity have been proposed.
Recently, Attalla, Deierlein, and McGuire (1994) have proposed a concentrated
hinge model that accurately captures the spread of plasticity with the computational
ease of an elastic-plastic hinge model and without the need to discretize across the
section or length of a member. They use nonlinear force-strain relations to calibrate
data from inelastic analysis that does consider actual spreading of plasticity.

Other hinge models include using nonlinear rotational springs that can model
beam plastic hinging or column panel-zone yielding. These models have been modi-
fied since the Northridge earthquake to account for connection fracture by specifying
a strain at which the hinge capacity will drop (Maison and Kasai 1997). The pro-
gram CU-DYNAMIX models fracture using a stiffness and strength degradation
model that is based on the amount of inelastic energy absorption in a member.

A bounding surface models the inelastic member cross section response without



explicit discretization (Chi, El-Tawil, Deierlein, and Abel 1996).

The programs DRAIN-2DX and DRAIN-3DX developed at Berkeley have ele-
ment libraries that continue to evolve. For many of the SAC analytical investigations
(SAC 1995), investigators used DRAIN-2DX with members modeled as Element 2
and panel zones modeled as Element 4. Element 2 allows yielding to take place
only in concentrated plastic hinges at the element ends. Strain hardening is ap-
proximated by assuming the element consists of elastic and inelastic components in
parallel. Inelastic axial deformation is assumed not to occur, so only approximate
interaction effects are considered. One investigator found that it was difficult for
DRAIN-2DX to maintain numerical stability during rapid decrease in strength after
weld fracture (Krawinkler, Alali, Thiel, and Dunlea 1995), so fractured connections
were modeled as pre-fractured, i.e., a simple connection instead of a rigid connection
was used.

The programs discussed so far are limited to modeling plastic hinges without
any explicit modeling of the spread of plasticity. Models that approximate fracture
with stiffness degradation do not capture the realistic behavior of regaining contact
and load capacity upon displacement reversals. With advancements in computa-
tional speed and storage space, a few programs are starting to include these effects
explicitly.

The program ISTAR-ST is a three-dimensional nonlinear program developed at
John A. Martin & Associates. Beams are modeled as elasto-plastic elements with
concentrated plastic hinges at element ends that can account for the strength loss
of fracturing when a specified plastic rotation is reached (Lobo, Skokan, Huang,
and Hart 1998). For columns only, fiber elements discretize the cross section of an
element to capture nonlinear interaction between axial force and biaxial moments
using a unique stress-strain relationship. The ends of the columns are modeled
with fibers and an elastic segment is used in between with constant axial force and
moments that are linear functions of the end moments. This model will not capture
the overall inelastic behavior of a severely loaded or displaced column. The beam is

adapted from DRAIN-2DX Element 2, and the column is adapted from DRAIN-3DX



fiber elements.

Another program developed at Berkeley is FEAP-STRUC, which uses flexibility-
based distributed inelastic elements (Filippou 1995). Frame elements are divided
into control sections along the element length. The element section is divided into
layers (two-dimensional) or fibers (three-dimensional). Each fiber can be modeled
by a number of nonlinear stress-strain relationships. Fracture can be modeled by
specifying negative stiffness for a tri-linear tension envelope while maintaining an
independent tri-linear compression envelope. At the time of this writing, the au-
thor is unaware of any three-dimensional results using this software. Anderson and
Filippou (1995) used a two-dimensional version of FEAP-STRUC in their SAC in-
vestigation. This software is the most similar to the work presented in this thesis.
Fiber divisions of steel members to capture the spread of plasticity and other non-
linear effects have been very limited to this date.

The three-dimensional fiber and segment discretization of elements presented in
this work is an extension of the two-dimensional elements described in Hall and
Challa (1995) and used in the analytical works Heaton, Hall, Wald, and Halling
(1995), Hall, Heaton, Halling, and Wald (1995), Hall (1997), Hall (1995), Carl-
son and Hall (1997), Hall and Carlson (1998) and Hall (1998). In addition to
introducing a three-dimensional element discretization, this work presents three-
dimensional constraints that limit the number of equations required to solve various
three-dimensional problems consisting of intersecting planar frames. The combi-
nation of this three-dimensional fiber-discretized element and other rarely used ad-
vancements produces an analytical model that captures more material and geometric
nonlinearities than any other known program for three-dimensional analysis of steel

buildings.

1.3 Organization of the Thesis

This thesis is arranged in theory chapters (2-6) followed by results chapters (7-11).

Chapter 2 presents an overview of the elements that comprise a planar frame.
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Emphasis is placed on presenting the nonlinear capabilities of each element. While
these elements have been used in previous works, they have never been fully docu-
mented. Chapter 3 provides the mathematical formulation of these building com-
ponents, deriving their stiffness and force contributions to the equations of motion.

Chapter 4 introduces the three-dimensional constraints used to produce quasi-
three-dimensional analysis for buildings with non-intersecting frames. The limita-
tions and effects produced by these constraints are discussed. The three-dimensional
fiber-discretized column element is explained in chapter 5. Modeling considerations,
three-dimensional issues and the mathematical formulation are provided.

Chapter 6 explains the solution techniques used in this work to perform nonlinear
time history analysis and static pushover analysis that includes unloading. The
linearization of the equations and the time stepping formulation are derived.

The program described by the previous chapters is used to analyze three steel
moment-resisting frame buildings. Modeling assumptions common to all three build-
ings are given and compared in chapter 7. Chapter 8 presents the results of analy-
ses performed on a 17-story building damaged by the Northridge earthquake. This
building has stiffness eccentricities that require three-dimensional analysis to under-
stand the measured behavior. Chapter 9 presents the results of analyses performed
on a 13-story building damaged by the Northridge earthquake. This building suf-
fered damage of a random nature that could not have been predicted even with
today’s analytical tools. Chapter 10 presents the results of analyses performed on
a 10-story building designed by the author to meet the requirements of the 1994
Uniform Building Code (ICBO 1994), which has more stringent requirements than
the codes the other two buildings were designed to meet. The building represents
a realistic irregular building with only one plane of symmetry that is not parallel
to framing planes. Three-dimensional effects are investigated, including earthquake
directional effects. Chapter 11 compares the results from the three building inves-
tigations to determine if certain parameters can predict the level of response and
damage measured. Conclusions are summarized in chapter 12.

Appendix A provides information on the ground motions used in this work.
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1.4 Notation

Several notational conventions are used in this work. Vectors are denoted by bold
lower-case letters, e.g., a. Matrices are denoted by bold upper-case letters, e.g., A.
Changes in quantities are represented by preceding the quantity with the symbol
A. The change of a scalar quantity is expressed as Aa, and the change of a vector
quantity is expressed as Aa. For clarity, brackets are sometimes used to denote
vectors, e.g., {a}, and braces are sometimes used to denote matrices, e.g., [A].

The buildings investigated in this work used standard American Institute of Steel
Construction member size designations (AISC 1989). For example, a W14X730
member is a wide-flange section that is nominally 14 inches deep and weighs 730
pounds per linear foot.

The units in this work (with the exception of the previous paragraph) are SI
units. The unit of length is the centimeter (cm), the unit of weight is the Newton
(N), the unit of mass is the kilogram (kg) and the unit of time is the second (sec).
The Imperial system equivalents are given in parentheses for some results. The
units of length are inches (in) or feet (ft) and the unit of weight is pounds (lbs) or
kilo-pounds (k).
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Chapter 2

Overview of the Planar Frame Module

2.1 Introduction

The three-dimensional formulation discussed later is based on a simpler planar frame
analysis that utilizes the fiber method. This analysis applies specifically to steel
moment frame buildings or concentrically braced frame buildings and is described
in this chapter and in the following one. Only a single planar frame is treated in these
two chapters and it can be considered as the basic module of the three-dimensional

formulation. The three-dimensional formulation will be treated in chapters 4 and 5.

2.2 Planar Frame Model

A frame consists of a planar arrangement of beams, columns, braces and panel zones
(figure 2.1), all of which can exhibit nonlinear behavior. Panel zones occupy the
joint regions, and the beams (at the sides) and the columns (top and bottom) are
connected to them (Hall 1997). Braces can also connect to panel zones diagonally.
Each panel zone is a rectangular element that deforms in shear, and its actual
dimensions are represented. A beam, column or brace member spans between two
panel zones and is subdivided along its length into segments (figure 2.1). The
segments allow the member geometry to be updated and .any inelastic behavior
along the length of the member to be captured. Each segment is further subdivided

into fibers so that residual stresses and inelastic behavior can vary through the
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member cross section. Beam members can have additional fibers to include the
effect of concrete on metal deck acting compositely with the steel girder. A frame
can also have wall elements used to model basement walls and foundation springs

to model the soil-structure interaction in horizontal and vertical components.

Figure 2.1 Details of planar frame model.

Masses and static loads may be applied to the frame joints. Damping in general
and out-of-plane static and dynamic loading will be discussed in a later chapter.
The solution technique is iterative to capture the nonlinear effects. Nodal updating
allows the P-A effects to be implicitly included.

Interior nodes of the members do not have external loads or masses so the
solution of the global frame can be accomplished with the interior degrees of freedom
(dofs) condensed out. In this way, the frame can be solved globally for only the dofs
at the joints. The member end displacements and forces resulting from the global
joint solution can then be used to solve for each member’s interior dofs and the
updated member end forces can be used in the global frame problem for the next
iteration. The global frame problem will have the same number of dofs as a simple
model that does not have segmented members, greatly reducing the solution time
required considering the total number of dofs. As an example, a node with a panel
zone and two beams and two columns framing into it will have four degrees of

freedom associated with it — horizontal and vertical translation and beam and
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column end rotations. If the four members each have eight segments, consider half
of the interior nodes are associated with this node and half are associated with the
nodes at the members’ other ends. This means 14 interior nodes are lumped at
this one node. Each interior node has three dofs — two translations and a rotation
— giving a total of 46 dofs including the end node. The number of frame dofs
is an order of magnitude smaller in this example, pointing out the importance of

separating the frame solution from the member solutions.

2.3 Beam-Columns
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Figure 2.2 Possible segment layouts. (a) Beam or column. (b) Brace.

Frame members can be columns, beams, or braces. Any member that exhibits

both axial force and bending can in general be called a beam-column. Each member
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is subdivided along its length into segments (figure 2.2). One set of segment lengths
is defined for beams and columns, and another set for braces. Inelastic effects
of beams and columns are typically more important at the member ends, so the
segment sizes are smaller there. For braces, buckling is a concern so segments are
smaller at the midspan. With ends assumed pinned, the segments of a brace do not
need to be small at the ends.

Segmentation of the members allows several nonlinear behaviors to be captured
in the model without the use of empirically based end conditions. Material non-
linearities affect finite portions of the member length instead of concentrating the
effect to zero-length end regions. A portion of a beam can be yielding while other
portions are undergoing strain hardening or simple elastic behavior. If a member is
loaded in compression with end moments, the interaction of axial force and bending

will be accurately modeled.

el

Figure 2.3 P-A effects: geometric updating of interior nodes.
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Axial force in a member with member ends displaced with respect to each other
gives rise to the P-A effect (figure 2.3). The geometric updating of the interior nodes
will capture the resulting moment amplification and possible buckling. With the
segment approach, the structure can undergo large displacements during a dynamic
analysis or a pushover static analysis, and properly account for this type of geometric

nonlinearity in an iterative solution.
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Figure 2.4 Possible fiber layouts.

Each segment of a member is further subdivided into fibers that comprise the
member cross section. Several layouts can be used to model wide flanges, weak-axis
wide flanges, box members, and composite members (figure 2.4). The fiber model

also allows a great deal of flexibility in modeling various member end conditions and
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nonlinearities. A beam can be rigidly attached to a column face or connected in
simple shear by using the full area of the flange fibers in the end segment or zeroing
out these areas in the end segments, respectively. A beam can be modeled compos-
itely by using fibers 9 and 10 (figure 2.4) to represent the metal deck and concrete,
respectively. Residual stresses can be applied, varying over the cross section of the
member. For inelastic behavior, the spread of plasticity can be achieved through
portions of the member cross section in addition to the ability to model zones of
plasticity along the member’s length utilizing the member segments. Because the
fiber model allows modeling of strain hardening, axial-flexural interaction, residual
stresses and gradual spread of yielding within the cross section, it is a more realistic
model than the more common plastic hinge beam-column model (Allahabadi and

Powell 1988).

2.4 Fiber Model

Several models exist for the inelastic behavior of steel. The model used here (Hall
and Challa 1995) is physically motivated from actual uniaxial test data of structural
steel bars. Explicit expressions for stress in terms of strain also give the instanta-
neous stiffness, making the model ideal for iterative nonlinear analysis. Other mod-
els have loading regime dependent rules that are computationally expensive. This
model is simple and efficient, yet adequately represents real hysteretic behavior
(Challa 1992).

Each fiber carries an axial stress that is ruled by a hysteretic stress-strain re-
lationship. The monotonic stress-strain relationship is shown in figure 2.5, and its
hysteretic behavior is discussed in great detail in (Challa and Hall 1994). Verifi-
cation with experimental data and modeling capabilities are described in (Challa
1992).

Characteristics of this model include a realistic monotonic loading curve, ellip-
tical unloading and reloading curves and explicit computation of stress and tangent

modulus given strain. The virgin curve (0-1-2-3-4’ in figure 2.6) is the original
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Figure 2.6 Fiber stress-strain curve definitions.

monotonic loading curve of the steel stress strain relation and is fully determined

by the following quantities (Hall 1997):
e FE, initial elastic Young’s Modulus
e Egpy, initial modulus at strain hardening

e 0y, yield stress
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e 0,, ultimate stress
® €gyy, strain at strain hardening
® ¢,, strain at ultimate strength
® €., strain at rupture

A cubic ellipse (figure 2.5) determined from esg, €y, Esa, 0y and oy has half width,
a, half height, b, and center, o,. The ellipse explicitly defines the virgin curve beyond
the strain-hardening strain and is described by the equation (Challa and Hall 1994):

(21) (fj“)3+ ("‘b"o)s 1.

Once the fiber has reached the yield plateau (1-3’ in figure 2.6), future reversals

will be off the virgin curve. The backbone curves (3-4-5-6 in figure 2.6) that de-
termine the post-yielding history are the virgin curves for compression and tension
shifted along the strain axis depending on the maximum tensile and compressive
strains in the loading history, respectively. Complex loading histories can efficiently

and accurately be followed with this model (figure 2.7).

Figure 2.7 Axial stress-strain hysteretic relation for steel fiber.
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The stress-strain relation is the same for compression and tension. Residual
stresses shift the curve along the strain axis until the residual stress level is located
at zero strain. Thus, adjacent fibers can have different levels of residual stress as is
typical of both wide flange and box members. Rolled steel sections always have some
level of residual stresses and built-up members also incur stresses from differential
cooling (McGuire 1968, pp. 233-234). The stress pattern is defined in such a way
that equilibrium is maintained, but the maximum residual stress can be chosen by

the user (figure 2.8).
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Figure 2.8 Wide flange section residual stress pattern.

A nonlinear stress-strain relation is used to model the concrete fiber representing
the fill on the deck of a beam acting compositely (figure 2.9). The stress-strain
behavior is linearly elastic-perfectly plastic in compression (yield stress oy¢) and
linear to fracture in tension (cracking strength opc). Cracking releases the tensile
stress and no tension can be subsequently carried (Hall 1997). A crack can later
close and carry compression. A composite beam can also have a fiber to model the
steel deck and the concrete reinforcing. The same properties are used as for the steel
beam fiber. User input can vary the amount of concrete and steel acting compositely,
and their heights above the top flange of the beam. Exterior vs. interior bays can
be distinguished and deck parallel and perpendicular to beam direction can also be

modeled.
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Figure 2.9 Axial stress-strain hysteretic relation for concrete fiber.

The user may reduce the area of a fiber for various realistic conditions. If beam
flanges taper at the ends to connect to a narrow column, the flange fiber areas can
be reduced by different amounts for the segments approaching the beam’s ends. If
a frame contains beams with simple connections, the area of the flange fibers for
segments 1,2,7 and 8 are zeroed out and the areas of web fibers 3 to 6 are reduced
by an amount appropriate to represent the flexibility of a bolted web to shear tab.

The fiber areas can also be reduced to appropriately model a semi-rigid connection.

2.5 Connection Fracture

The Northridge earthquake uncovered the fact that steel moment resisting frames
may not always be as ductile as engineers expected. Several steel-framed buildings
had numerous fractures at beam-to-column moment connections. Most of these
cracks stemmed from the welds between the beam and column, and cracking spread
into the beam or column flanges and beyond (SAC 1994).

Instead of trying to capture every type of observed damage, the formulation
models fracture of individual fibers that are deemed susceptible. Potential fracture
areas include those shown in figure 2.10. For example, a beam is likely to fail
at its connections to columns, so if the beam has eight segments, segments 1 and
8 can be identified as potential fracture zones. Similarly, the base of the lowest

level column (segment 1) can be modeled to predict base plate failure. Since most
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Figure 2.10 Welds that may pose a problem.

column splices occur several feet above floor level (to avoid maximum moment and
to make on-site welding easier), the fourth segment out of eight can be modified to
model splice connection fracture. Other fracture areas could be modeled, including
brace to gusset plate welds. Fibers not representing weld fracture will all follow
their individual hysteretic stress-strain relations with rupture as the only failure
mechanism.

The actual level of cracking for a group of connections can be chosen in sev-
eral ways. There have been several large-scale tests of beam-column connections
performed in recent years. Static studies have been performed at the Earthquake
Engineering Research Center, University of California, San Diego, University of Cal-
ifornia Berkeley, and University of Texas at Austin (SAC 1997a). Dynamic testing
has been performed at Lehigh University (Xue, Kaufmann, Lu, and Fisher 1997).
Unfortunately, there have not been enough tests on various member sizes to ade-
quately predict a probabilistic distribution of tensile strains or plastic rotations at
failure. The formulation used in this work assigns a fracture strain €; to a fiber
using a randomized process (Hall 1998). Sets of fracture strains are established
with associated probabilities of occurrence in units of 10%. An example of a set is:
ef = 0.7¢y at 20%; €5 = 1.0¢y at 50%; €5 = 2.0¢y at 30%, where ¢, is the yield strain.
The ten strain values in a set can be chosen to approximate a normal distribution,

or all ten values can be the same making it deterministic, or some other distribution
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can be chosen. A continuous model instead of this discretization is not warranted
due to the lack of data available.

Fibers to be assigned fracture strains are placed into groups of which there are
four types that model the potential fracture areas mentioned above. These types
are column splice, column base plate, top beam flange, and bottom beam flange. A
group of column-splice fibers consists of all eight fibers of segment 4 in a column
containing a slice. A group of column-base-plate fibers consists of all eight fibers of
segment 1 in a column attached to a base plate. A group of top beam-flange fibers
consists of fibers 1 to 4 in segment 1 or 8 where a moment connection exists, and
similarly for a bottom beam flange group except that the fibers are 5 to 8. Each
group type is associated with one of the sets of fracture strains. Once the sets of
fracture strains and the groups of fibers are established, the fracture strains are
assigned randomly to the groups within each type using the specified occurrence
probabilities of the associated set. All fibers in a group receive the same fracture
strain, but the fracture strain would vary from group to group within each type
throughout the building (Hall 1998).

As an example, assume the same probability distribution is desired for the frac-
ture strains at the top and bottom of both ends of all the beams in a building. The
top left beam-flange fibers (segment 1, fibers 1 to 4) are one group. The bottom-left
beam-flange fibers (segment 1, fibers 1 to 4) are a second group. The right beam-
flange fibers form two more groups, (segment 8, fibers 1 to 4) and (segment 8, fibers
5 to 8). Even though each group uses the same fracture set, the fracture strains
are assigned randomly so that one beam could have four different fracture strains
(top left, bottom left, top right and bottom right). The strain will be the same for
all fibers in a group, but the same group of fibers in another beam could have a
different fracture strain.

When an identified fiber reaches its specified tensile fracture strain value, it
releases its tensile stress and loses its ability to carry tension in the future, but it
can carry compression if contact is regained. If all fibers of a column splice fracture,

the column is assumed not to carry any load thereafter (tension or compression).
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The assumption here is that the lateral offset of the story would be sufficient to
bring the column-section plates out of alignment, and so the load carrying capacity
would be reduced dramatically. For a base plate, tensile capacity will be lost, but
compression can be achieved if contact is regained. If all beam fibers of a beam-
to-column connection fracture, the shear transfer capacity is assumed to remain

intact.

2.6 Panel Zones

The load on a panel zone is a double couple derived from the end moments and
shears of the connected beams and columns, one couple coming from the beam end
moments and column shears and the other coming from the column end moments

and beam shears (figure 2.11). This double couple is self-equilibrating since the
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Figure 2.11 Panel zone double couple.

moments of each couple are equal and opposite. Behavior of a panel zone is defined
by a nonlinear hysteretic relation between this moment and the resulting shear strain
(Hall 1997). The thickness of the panel zone can be increased to account for the
addition of doubler plates.

The panel zone hysteretic relation is for moment MPZ and shear strain vF%

(figure 2.12). The monotonic loading curve begins with a linear segment to 0.8M‘,jD z,
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Figure 2.12 Backbone curve for panel zone.

where the yield moment is described by (Tsai and Popov 1988)
(2.2) M[? = r,d°d’t.

The shear yield stress is 7, = g/ v/3 and d¢, d® and t are the panel zone dimensions
depth of column, depth of beam, and thickness of panel zone, respectively. Following
the linear segment is a quadratic ellipse that is tangent to the preceding linear
segment and reaches a zero slope at vy, = 100y, MPZ = 2.35M?53 Z, where 1, is
the shear yield strain, 7,/G. This form of the monotonic loading curve is chosen
to match a set of experimental data summarized in (Kato 1982). The curve is flat
beyond v, due to lack of information. Similar rules govern the history as for the
steel fiber hysteresis, and good agreement between the model and experimental data
has been shown (Challa and Hall 1994; Challa 1992).

The panel zone has its own dimensions, so beams and columns are considered to
be of the length spanning between edges of the panel zones. While this is realistic in

terms of panel zone deformations and end forces that must be transmitted from the

beam to the column, the axial deformations will be slightly low for a building with
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relatively deep girders since the panel zone will only deform in shear, neglecting
the axial deformation through the depth of the panel zone. This will be discussed
more in chapter 10. Several other options can be chosen concerning beam-to-column
joints. The node can be modeled without a panel zone using clear span dimensions

of beams and columns or the panel zone can be used, but considered rigid.

2.7 Foundation Springs

Foundation interaction is included through a horizontal and vertical spring attached
to the bottom of each column line. Each spring is bilinear, and the hardening

behavior is kinematic (figure 2.13). Parameters of the springs are as follows (Hall
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Figure 2.13 Load-deflection hysteretic relation for vertical foundation spring.

1997):

e Ky, initial stiffness of horizontal spring

Ky, initial stiffness of vertical spring

a, ratio of secondary stiffness to initial stiffness

Fyp, Dyp, yield strength, displacement of horizontal spring

Fyy, Dyy, yield strength, displacement of vertical spring in upward direction
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e Fyp,Dyp, yield strength, displacement of vertical spring in downward direc-

tion.
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Chapter 3

Mathematical Details of the Planar Frame
Module

3.1 Introduction

The solution to the nonlinear problem requires that the stiffnesses be determined for
the current deformation state of the members and frame. For this reason, tangent
stiffnesses are derived in this chapter which describe the stiffness in a given deforma-
tion state and are used to solve for an increment of displacement. The forces on the
structure which give rise to the displacement increments are also formulated. The
assumptions used for each element type and the global assumptions affecting the
solution of a single planar frame are described. Three-dimensional capabilities and
assumptions as well as the contributions from mass and damping will be discussed

in later chapters.

3.2 Degrees of Freedom

The various degrees of freedom (dofs) attributed to different structural elements
are summarized here. Each node in a frame can have three or four degrees of freedom
associated with it (figure 3.1), specifically horizontal and vertical translation and
one rotation (two if there is a panel zone). Individual dofs can be fixed, as at the

base of a column if the foundation is rigid.
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Figure 3.2 Beam degrees of freedom.

Beam-columns have six exterior (end) dofs corresponding to the in-plane axial,
shear and moment forces at each end of the member. Braces have four exterior dofs
corresponding to the in-plane axial and shear forces at each end of the member.
The local and global degrees of freedom for beams, columns and braces can be seen
in figures 3.2 and 3.3. These members are comprised of segments, and each interior
node between segment ends has three dofs — two translations and a rotation (figure
3.4). The interior dofs are condensed from the global solution since no damping or
mass is associated with these dofs. Member solutions are performed individually
using the end displacements resulting from a frame solution. The fiber elements
which comprise a segment each have two translational dofs at each end (figure

3.4). These dofs are not independent; they are defined by the end conditions of the

segment.
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Figure 3.4 Segment and fiber degrees of freedom.

A panel zone has two rotational degrees of freedom which are determined from

the end rotations of beams and columns framing into it (figure 3.5).
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Figure 3.5 Panel zone degrees of freedom.

3.3 Stiffness Formulation

The stiffness properties used in the various elements are explained including some
derivations in the following sections. Standard stiffness contributions that are well
known in the literature will not be re-derived here.

For a static nonlinear problem, the stiffness forces p¥*! equal the applied forces

fk+1 at any iteration k + 1 of the solution for the unknown displacements:
(3.1) phtl = gkl

As will be shown in chapter 6, the problem can be linearized for a linear tangent
stiffness matrix K that represents the instantaneous stiffness of the frame at the
latest deformed state. The linearization allows the stiffness forces for iteration k41
to be written in terms of the tangent stiffness and known forces from iteration &

and the unknown displacement increments Au for iteration &k + 1:
(3.2) pFt! = KE AWt 4 pF.

This can be substituted for the unknown stiffness forces in equation (3.1) resulting
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in:

(3.3) KEAuFT! = £A+1 _ pk,
In this chapter, this equation will be written as

(3.4) KrAu = Ap.

The loading f has not yet been defined, but member and frame forces p will be
developed, so the incremental form of the force vector has been chosen to reflect

this for the following derivations.

3.3.1 Fiber Stiffness

The fiber element is an uniaxial member which can only sustain an axial force. A
fiber may undergo transverse displacement resulting in a geometric component of
the segment stiffness. The fiber stiffness gives the following relationship between

end forces and displacement in local coordinates:
(3.5) KiAal = Ap”.

The forces and displacement can be seen in figure 3.6. The fiber local stiffness

Figure 3.6 Fiber local displacements and forces.
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matrix is:
1 0 -1 0
E-A: |0 0 0 0
(3.6) K{ = Zf
-1 0 1 O
0 0 0 O

where Er is the tangent modulus of the particular fiber determined from the hys-
teretic model described in section 2.4. The area of the fiber is Ay, which depends
on whether it was initially reduced. If the fiber cracks or ruptures, the tangent
modulus can be zeroed out. Recall that a fiber that cracks in tension can regain

contact and carry compression.

P/L (U5-05)

Figure 3.7 Geometric stiffness of fiber.

The geometric contribution to the local stiffness matrix can be determined by

displacing the fiber transversely (figure 3.7) as

0 0 0 0
pli0 1 0 -1

(3.7) Kf":E
0 0 0 O
0 -1 0 1

For each fiber, the total stiffness matrix is KlF,z = Kf}i + Kl(,;iv summing the axial

and geometric contributions. For a single fiber i, the total fiber force displacement
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relation becomes
(3.8) Ki;Aaaf = Apf.

The individual fiber stiffness matrices are assembled for each segment as described

below.

3.3.2 Segment Stiffness

The segment stiffness is assembled from the fiber stiffness contributions plus a sep-
arate shear stiffness contribution. The formulation uses separate interpolation of
displacements and rotations. Since the fiber does not include shear deformations,
shearing will not involve interaction with axial force or bending. Shearing is as-
sumed to remain elastic. Plane sections normal to the neutral axis before bending

remain plane after bending though not normal to it.

AF AF ~F AF
U2,P2 ui.pi

Figure 3.8 Relation between fiber and segment degrees of freedom.

The relation between fibers and segments is shown in figure 3.8. Each fiber has
its centroid located a distance h; from the neutral axis. The transformation from
segment displacements to fiber displacements is easily determined by individually
displacing the segment degrees of freedom. Axial, shearing, and rotational dis-
placements at the right end of the segment are shown with the corresponding fiber

displacements in figure 3.9. The resulting relation between segment displacements
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Figure 3.9 Relation between fiber and segment displacements.

F

@ and individual fiber displacements a; is

(3.9) af = rPFa®

where the transformation from segment to fiber displacements is given by

10 -, 00 O

.10 per_ |01 0 00 0

00 0 1 0 —hs

00 0 01 0

The contribution of a fiber’s forces P} to the segment forces is denoted by p7
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and their relation is

(3.11) ) = [R{"'Df

(3

Using the fiber equation (3.8), and substituting the displacement transformation

(3.9) and the force transformation (3.11) in incremental form gives
(3.12) RIFTKIRIFAGS = Ap.

Summing the contributions from each fiber gives

(3.13) K" A6® = ApS

where the tangent segment stiffness due to fibers is summed for the number of fibers

in the segment, ng, as

nr
(3.14) K=Y (RFTKLRI)).
=1
The shear stiffness is determined using mid-span sampling. This ensures that
shear locking will not occur, resulting in the segment shear stiffness (Hall and Challa

1995)

0 0 0 0 0 O
1
bo-bo -1
I o 1 I3
(3.15) K>SH — ga * 2 1
0 0 0
sym by
1
e 4_

The shear area Ag is dt,, for the strong axis of a wide flange section and 5/6(2bty)

for the minor axis.
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Local segment forces can be determined from fiber stresses o;, geometric prop-

erties and end rotations. The axial force P, the shear @ and the end moments M;

and M, are
ng
(3.16) P=Y o4
i=1
1
(3.17) Q= 5GAs(01 + 0, — 20)
ng 1
(318) M, =- Zl o;A;h; + EQl
1=
ng 1
(3.19) My = ;(J‘z’Aihi + §Ql
=

Notice that the midspan sampling averages the end values of shear:

(91—0[)+(02—0£)'

(3.20) Q=GAg 5

The strains developed in the fibers are determined from the segment end displace-

S .S
Us.pP>

S S
‘L_u3 -P3
S .S
. ul >pl

N

s sf
us.,.ps

Figure 3.10 Segment local and global properties.

ments

o A
(321) € = —ll-— - 71(91 - 02)

Refer to figure 3.11(a) to see the contribution from rotation.
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Figure 3.11 Positive directions of various segment parameters.

The global end forces of the segment are determined from the transformation

( A

P
—Q

M,
(3.22) p’ =17 ﬁ
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where

cosa sina 0 0 0 0
—sina cosa 0 0 0 0
0 0 1 0 0 0

(3.23) T =
0 0 0 cosa sina O
0 0 0 —sina cosa 0
0 0 0 0 0 1

The displacement transformation is @ = TuS. Refer to figure 3.11(b) for the
positive sense of the segment end forces and to figure 3.10 for local and global pa-
rameters. The global segment stiffness matrix can be determined from the segment

transformation

(3.24) KS =TT(K}" + KT
giving the relation

(3.25) KfAuS = Ap®.

3.3.3 Beam-Column Stiffness

Now that the global segment relations have been determined, the segment stiffnesses
are assembled to formulate the member stiffness. For now, the superscripts denoting
that the displacements, forces and stiffness are for beam-column elements will be
dropped. The member stiffness matrix is assembled from the segment stiffness
matrices using the assembly operator (, and denoting the number of segments per

member as ng:

(3.26) K = E(Kﬁ)
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The member equation becomes

(3.27) KAu = Ap.

Earlier derivations in this chapter considered only the member stiffness forces re-
sulting from deformations. At this level of the development, applied forces must
also be considered. This expression can be written for all interior and exterior dofs

as

(3.28) KAu=f —p,

where f are the applied forces and p are the member stiffness forces. The out-
of-balance between these values is solved for iteratively. The member incremental
displacements are solved with individual member iterations using the exterior dof
displacement increments recovered from the frame as input. The resulting end forces
are returned to the frame level for iterative solution at that level. In order to perform
the iterations on just the interior dofs, the member stiffness needs to be partitioned.
Let subscripts I and F denote interior and exterior dofs, respectively. The member

equation can be rewritten

K, K Au f p
(329) II IE T — I . I

Kpr Kgg Aug fp Pg

where the top equations are for the interior dofs and the bottom equations are for
the exterior dofs. For the formulation used, f; are zero since interior loading is not

applied. The first set of equations is

(330) KHAuI = _KIEAuE - Pr-

This is the equation for member iterative analysis. The exterior nodal increments
are applied in the first step and iterations are performed updating the stiffness forces

p; until convergence is achieved (—K;zAuyg —p; ~ 0) or the maximum number of
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member iterations is reached.
For the solution at the frame level, the member dofs need to be condensed to

the exterior dofs only. Multiplying the interior equations of (3.29) by K} gives:

(3.31) I KyKpg| )| Au | | O 3 K71 Py

Kg; Kgp Aug fg Pg

Subtract K; times the interior equations from the exterior equations:

Au,
(3.32) 0 Kpp—KpKKg = {fz — P + Kp/K7/pr}.
Aug

This is the condensed equations for a member in terms of its end (exterior) degrees

of freedom:
(3.33) KBC AuBC = ApPC, where
(3.34) ApBC = £5¢ — pBC
(3.35) £8C = £,
(3.36) p%° = {pr — Kp/K;/'pr}
3.37 uPC =u; and

E

BC _ _

(3.38) K™ = [KEE - KEIKH1 K/g|-

BC

The end forces p~“ are applied to the edges of the panel zones and assembled

to the frame nodal forces which have applied forces f already assembled. The
forces £3C never actually have to be determined since the members are not solved
individually for the condensed exterior-only system. The tangent stiffness matrix
KZC is assembled to the frame stiffness matrix. Equation (3.33) gives the member

end displacements and forces in member global coordinates.
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The member forces (figure 3.12) in lo-
cal coordinates are calculated for output

purposes only using the updated geometry

as follows:

1 &
(3.39) P=—Y P

ns i=1
(3.40) My = MY, segment 1
(3.41) My = M5, segment ng

1

(342  Q=-7(Mi+Mp)
The calculation for P takes into account Figure 3.12 Positive beam-column
varying axial force for a member with calculated end forces.

large displacements.
The member forces act at the end of the member that is located at the face

of a panel zone. These forces must be transformed to frame nodal forces that are
applied at the center of the panel zone. This transformation will be different for
beams, columns and braces. The panel zone depth ds-’, width df, and the beam and
column rotations 62 and 6¢ at each end of the members (ends i and j) are used to
determine the frame nodal loading from the members. Referring to figure 3.13 the
P3)
_— | panel .
zope - }e° Pa

N

e

o=

Pr— > T i
8 beam p?]?/ }
—— o panel
& % zone
2
Beam forces Frame forces

Figure 3.13 Converting beam end forces to frame nodal forces.
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beam transformation [SB]” from beam global forces p? to frame global forces p© &
is
(3.43) [s%]'p? = p"~*

where

c

100 %snge 000 0

010 —%cosf? 00 0 0
.0 _ 001 0 000 0
000 0 100 —Zsing
000 0 010 %Zcost
600 0 001 0

Effect of column
Incremental displacements rotation

Figure 3.14 Converting beam end displacements to frame nodal displacements.

that in the following figures the frame forces will be denoted with a superscript F’
regardless of the contributing member for clarity of the figures. The incremental
displacements can be found by imposing small displacements of each of the frame

nodal degrees of freedom (figure 3.14). The frame node dofs will be denoted by x
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and the dofs affected by a beam will be denoted by x®. The resulting transformation

from nodal increment Ax? to beam end increment Au® is
(3.45) SBAxP = Auf

where S is defined by (3.44). Note that this relationship only holds for displacement
increments, not totals. Substituting (3.45) into (3.33) and pre-multiplying by [SB]T

gives
(3.46) [SBITKBCsEAxE = [sBTApP.

Substituting the incremental form of (3.43), the frame nodal equation of the beam

contribution becomes

(3.47) KZAxP = Ap™ B
where
(3.48) | KZ — [SB|TKBOSB.

ps
pfl/T\
* > ~F
P1
ps

Column forces Frame forces

Figure 3.15 Converting column end forces to frame nodal forces.
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_/'Xeb

ABPLcoseb

Effect of beam
Incremental displacements rotation

Figure 3.16 Converting column end displacements to frame nodal displacements.

A column element has a similar derivation. Referring to figures 3.15 and 3.16,

the column transformation is

10 Ycos? 000 0 0
01 %sn® 000 0 0
60 0 100 0 0

(3.49) s¢ = »
00 0 010 —Fcost® 0

b
00 ©0 001 —%siné® 0

0 0 0 000 0 1

and the column contribution to the frame nodal equations is

(3.50) KSAx® = Apf—¢
where
(3.51) K$ = [SC]TKBCSC and pf ¢ =[S°Tp°.

Note that the forces pf~C are denoted by p* in figure 3.15.
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Brace forces Frame forces

Figure 3.17 Converting left brace end forces to frame nodal forces.
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Brace forces Frame forces

Figure 3.18 Converting right brace end forces to frame nodal forces.

Brace elements also have a similar derivation. Referring to figure 3.17 the brace
transformation for left braces is

-

]
b c
10 %oos6? %singe 00 0 0
& . oy &
(3:52) Sl _ 0 1 —3sing] —Jcosff 0 0 0 0
b c
00 0 0 10 —Zsing® —Zsin6s
00 o0 0 01 %costt —%cosee
A ?COS f -5 CcOs j_
and referring to figure 3.18 for right braces is
10 %cos®? Lsner 00 0 0
. de
0 1 Zsing® —%cosfS 0 0 0 0
(353)  SB= 2o 2 db N
00 o0 0 1 0 —4cos6? —sin6f
b c
00 o 0 01 —Fsin6) Foosty |
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resulting in the brace contribution to the frame nodal equations
(3.54) K;(OTR) AxEOrR) — ApF-L(orR)
where

(355) K;(O’I‘R) _ [SL(orR)]TKBCSL(o'rR) and pF—L(orR) — [SL(m'R)]TpL(o'rR).

Braces are assumed pinned at their ends, so the rotational degrees of freedom at the
ends are considered to be interior dofs. A frame joint will thus pass only translational
displacements to the member for local iterations. The rotations at the ends will be
solved in these member local iterations, and the zero moment does not need to be
passed back to the frame joints. Brace ends are also assumed to be aligned with
the panel zone corners. This assumption will produce a moment at the joints if the

panel zone dimensions are not proportional to the bay dimensions.

3.3.4 Panel Zone Stiffness

The panel zone stiffness relates the shearing strain 4F# of the steel volume consid-
ered to be acting in the plane of the panel zone and the moment M*Z that resists
this strain. The shear modulus is determined from a nonlinear stress-strain relation-
ship, and its instantaneous value is denoted Gr. The volume being sheared is d°d’t,
where d¢ is the depth of the column, d? is the depth of the deeper beam framing
into the column and ¢ is the contributing thickness. Doubler plate may be included
in the thickness of the panel zone. The shearing strain is related to the beam and

column rotations in incremental form by
(3.56) AvFZ = NG — A6°.
The resulting stiffness equation is

(3.57) KL% AxP? = ApF—FZ
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where Apf—FZ and Ax"Z are the panel zone incremental moments and rotations

assoclated with the frame dofs and

(3.58)

1 -1 Ag® MP
K77 = Grd°d’t , AxPZ = , pF P2 =

-1 1 Ag°© Mc¢

3.3.5 Foundation Stiffness

A simple bilinear spring is used to model the soil-structure interaction at the foun-
dation. Different limits can be set for horizontal, upward (tension) and downward
(compression) loading. Each base of each column can have two springs acting on it.

There is no coupling so the equations for a base node are

(3.59)

N ALF F—FN Azt FN pH
K; AxFN = Apf~ where AxTN = and pf—fN =
AzY pV

The tangent stiffnesses depend on the current displacement and force level for the

horizontal (H) and vertical (V') base node degrees of freedom.

3.3.6 Frame Stiffness

All of the above stiffnesses which contribute to the frame have been written in the
frame coordinate system. The beam, column and brace stiffnesses (3.47, 3.50, 3.54),
the panel zone stiffness (3.57) and the foundation stiffness (3.59) can be assembled

to appropriate degrees of freedom to formulate the overall frame stiffness
(3.60) K7 = Q (K? + K§ + Kf + Kf + KPZ + K7 .

All of the stiffness contributions are tangent stiffnesses, so the governing total frame

stiffness is also. The forces at all the degrees of freedom of the frame can also be
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assembled from the various components:

(3.61) pF = Q (pF~B + pF=C + pF~L 4 pF~R | pF=PZ 4 pF-FNY
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Chapter 4

Three-Dimensional Modeling

The behavior of real structures is necessarily three dimensional. Many nonlinear
programs exist which can evaluate the response of a structure assumed to behave
in-plane only and the planar frames developed in the previous chapters can be
used to represent this two-dimensional response. Three-dimensional response is
commonly modeled with the assumption that each floor acts as a rigid body in
plane. Each floor of such a three-dimensional model will have three dofs associated
with it: horizontal translation in orthogonal directions and rotation about a vertical

axis (figure 4.1(a)).

y‘
P

Figure 4.1 Rigid body constraints: (a) Common approach. (b} This work.

The planar frames of the previous chapters can also be constrained with the
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rigid floor assumption to achieve quasi-three-dimensional behavior. This is the
approach followed here except that it is the average of the horizontal dofs that are
constrained to move as a rigid body in the plane of each floor. This particular
constraint requires the individual frame column in-plane horizontal dofs to remain
active at floor levels (figure 4.1(b)). Additional degrees of freedom are necessary at
master nodes: two horizontal translational and one rotational in-plane degrees of
freedom. The constraints link the frame horizontal dofs to the master node dofs.
The master node dofs are in the global coordinates and the frame dofs remain in
their individual frame coordinates (figure 4.1(b)).

This is not a fully three-dimensional model because it neglects the out-of-plane
stiffness of the frames, but such stiffness is small for typical steel framed structures.
The constraint and planar frame assumptions can model the class of structures that
have noncontiguous planar frames. Structures with corner columns or curved frames
cannot be appropriately modeled under these assumptions. Corner columns will be
developed in the next chapter to allow a larger class of problems to be solved.

In addition to introducing the three-dimensional constraints, this chapter will
explain other three-dimensional effects which need to be considered separately from
the planar frame module described in the previous chapters. Additional strength
and stiffness contributions to the building that come from sources other than the
frames can be included in the model. P-A effects from gravity loads not carried
by the frames as well as out-of-plane P-A effects of the frames are included in the
formulation. The assembly of the global load vector and global stiffness, mass and
damping matrices for the general three-dimensional problem are also explained in

this chapter.

4.1 Constraint Methods

The individual frames need to be connected to the master nodes in some manner.
The average displacement of each frame’s horizontal translations at each story is

constrained to move as a rigid body consistent with the master node motions. This
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allows beams to have some axial deformation that is more realistic than a truly rigid
diaphragm assumption. The axial deformation of beams is especially important for
the nonlinear inelastic analyses performed in this work. Even if there is only one
frame in the model, it needs to be constrained to act with the master node which
has additional geometric and stiffness effects included.

Consider the simplest form of this constraint in which a two dimensional analysis
is being performed with one frame plus a master node at each floor. The average of
the frame nodal horizontal displacements is constrained to be equal to the master
node displacement at each floor. This can be written for floor j with n frame

horizontal dofs as
(4.1) l(a: +oeet ) =MV
. n 1 n; — )

where z; is the global horizontal frame displacement at frame joint ¢ and :c;-WN
is the global horizontal master node displacement. This can be rewritten for the
augmented vector x; of story displacements which includes the frame horizontal

displacements and the master node displacement at floor j as
(4.2) _% _% 1] x; =0,

which is of the form C Xx;=0 where C ; is a constraint matrix.

Several methods exist for including constraints. The method that seems best
suited to the iterative method used in this program is the penalty method. Lagrange
multipliers, for example, add unknowns and result in a stiffness matrix with some
zeroes on the diagonals. The penalty method adds large stiffness penalties to degrees
of freedom that are constrained, and they can be chosen so that sufficient accuracy
is obtained.

Assume that all of the story constraints for each frame are assembled into a

global constraint matrix C operating on all of the degrees of freedom x so that the
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desired constraints can be expressed as
(4.3) Cx=0.

If the constraint equations are not exactly satisfied there will be some non-zero

entries on the right side of the equation, so the actual expression will be
(4.4) Cx=t.

By choosing a set of penalty numbers «; which form a diagonal matrix [a], the
penalty function %tT[a]t can be defined.! This penalty function can be added to
the potential of the structural system II, giving the augmented potential

1 1
(4.5) I, = 5xTKx —xTf+ §tT[a]t.

Note that if the residuals t = 0, the potential is unchanged. If t # 0, there is a
large penalty for violating the constraints as the «; increase. By substituting (4.4)

and minimizing the potential {0II,/0x} = 0 the result is
(4.6) K+ CTa|C)x ={.

Since all the degrees of freedom being constrained are horizontal displacements, it is
reasonable to choose one penalty number o so that ¢ = al. The previous equation

can now be rewritten in incremental form as
(4.7) [K; + KC]Ax = Af where K¢ =aCTC.

In the above derivation, the stiffness matrix K was assumed not to be a function
of the displacements x. While this is not true for nonlinear behavior in general, the
constraint methodology still holds for each instantaneous tangent stiffness matrix.

It also works for dynamic problems. The constraint matrix for the three-dimensional

!The following derivation is adapted from (Cook, Malkus, and Plesha 1989).
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formulation is considered in the next section.

A large value of « is desired to accomplish the constraint to a high degree, but
too large a value will cause ill conditioning and subsequent loss of accuracy when
the equations are solved. However, experience with structural problems has shown
that, except in unusual cases, the use of double precision allows o to be selected to
accomplish the constraint sufficiently while avoiding excessive loss of digits due to
ill conditioning.

The penalty method was selected over other common methods of constraint
for its ease of implementation in the iterative nonlinear solution technique. The
constraints being imposed are prescribed interactions of certain degrees of freedom,
and there are three common methods for including this type of constraint — the
penalty method, the transformation method, and Lagrange multipliers.

The transformation method (McGuire and Gallagher 1979; Cook, Malkus, and
Plesha 1989) uses the constraint equations to eliminate degrees of freedom from
the global stiffness matrix. If there are r» equations of constraint, then the method
reduces the total number of dofs by 7. This method is not suitable for this analysis
for several reasons. The number of constraint equations equals the number of elim-
inated dofs that could require peculiar non-intuitive choices for constraints. The
method also requires a substantial amount of effort for, “reordering, partitioning

and matrix multiplications.?”

The condensed system uses constraint equations that
replace some equilibrium equations instead of retaining all of the equilibrium equa-
tions. This can cause certain equilibrium equations of the original system to not be
met even though the condensed system satisfies its equilibrium equations. (Cook,
Malkus, and Plesha 1989).

The method of Lagrange multipliers forms the scalar product of the homogeneous

constraint equations with an equal number of unknown multipliers, A;. This zero

sum is added to the system’s potential in the same way as the penalty method

2(Cook, Malkus, and Plesha 1989, p. 273)
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(equation 4.5):

(4.8) II, = ixTKTx —xTf + AT {Cx —t}.

Minimizing the potential results in the equation

K CT X f
(4.9) =

CcC o A t

where the homogeneous constraint equations are the latter equations above. Note
that there are zeros on the diagonal. If the equations are arranged as shown, Gaus-
sian elimination can still be used since the zeros will be filled in before they are
reached, although the bandedness of the stiffness matrix is affected. If the con-
straint equations are interspersed in such a way that whenever one is reached, all
the dofs that it couples appear before it, then the system can maintain its smaller
bandwidth and the zeros on the diagonal will not halt the solution process (Cook,
Malkus, and Plesha 1989). The Lagrange multiplier method and the penalty method
are closely related and Bathe presents an augmented Lagrange multiplier method
that adds both a Lagrange multiplier zero-value term and a penalty zero-value term
to the system’s potential. The method is used for iterative procedures and gives
reasonable results for all values of penalty factor o (Bathe 1996). The augmented

potential is
1
(4.10) I = 5x"Krx—x"f + -021 {Cx—t}T {Cx—t} + AT {Cx—t}.

The Lagrange multiplier method can be used if a reordering scheme were developed
to avoid zero diagonals during Gaussian elimination. Additional dofs corresponding
to the number of constraint equations would be required.

The penalty method is simpler because no reordering or additional dofs are
required. The penalty “stiffness” is assembled just like any other stiffness contri-

bution. If desired, the penalty stiffness could approximate the in-plane stiffness of
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a structure’s floor diaphragm providing an intuitive physical interpretation of the
method. The only potential drawback of the penalty method is ill conditioning. As
discussed earlier, the penalty factor can usually be chosen in a range to avoid ill

conditioning if double precision is employed.

4.2 Constraint Equations

-(YI-YMNycosB

(XE-XMNysinB

(a) XMN - x¢f

YMI\L

Figure 4.2 (a) Average displacement of frame. (b) Calculation of R.

The constraint method described above needs to be developed for three-
dimensional analysis. Each frame will have a constraint equation for each floor.
The average in-plane global horizontal displacement of a frame’s individual nodes,
Az,,,, is constrained to act as a rigid body with the master node global horizontal
displacements, AzM¥Y and Ay™¥, and rotation, A@M¥. In general, the global co-
ordinate system for a frame is oriented an angle 3 from the global coordinate system
for the master nodes. If the frame orientation is 3, and the perpendicular distance
from the plane of the frame to the master node is R, then the average displacement

assuming rigid body motion will be (see figure 4.2(a)):
(4.11) Azyy,, = AzMN cos B+ AyMV sin 8+ AGMNVR.

This can be written as a constraint equation for the frame nodal horizontal displace-
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ments Az, .-+ Az, as

Az
(4.12) _17: % —cosfB —sinf —R| 4 " ¢ = 0.
A.’I:MN

AyM N

AHMN
\

J

The frame distance R is determined from the coordinates of the master node, XM
and YMN  and the frame origin, X7 and Y7, all given in master node global coor-

dinates, by (see figure 4.2(b)):
(4.13) R= (X7 — XMNysing — (Y —YM¥)cos 5.

The distance R can be positive or negative depending on the orientation of the
frame. If positive in-plane horizontal displacements of a frame are consistent with a
counter-clockwise rotation of the master node, then R is positive. Frames can have
any orientation desired and their average motions will remain consistent in a rigid
body sense with the master node motions.

The constraint equation (4.12) must be transformed to a constraint stiffness

as per equation (4.7). The resulting constraint stiffness for one frame at floor j
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considering only the horizontal dofs being constrained will be

(4.14)

;15 -nl—z - C:;s B - srilnﬁ :nﬂ <= dof m;
1 —cosfB —sing —R
aCTC =q A B " = o
cos’ sinfBcosfB Rcosp &= dof MY
SYM sin? B Rsin 3 < dof yMVN
R? &= dof 6MN,

which can be written as a story constraint stiffness matrix
C _ T
(4.15) K7 =aC'C.

The constraint stiffness matrix for the entire structure can be assembled from the

story constraints as

Ng

(4.16) Kf = a [KY]

where n; is the number of stories. The constraint equation is linear, so the forces

that result from its stiffness are simply
(4.17) p’ = K%x.

Another issue raised by the constraints is the conditioning of the stiffness matrix.
Note that the master node rotational degree of freedom has a term on the order of
aR? (equation 4.14), which can be relatively large for large o and R. The concern
is that the main diagonal values of the stiffness will vary by many orders of magni-
tude. This alone is not necessarily a problem, but the stiffness matrix is actually an
assembly of singular matrices, so one extremely large singular matrix could poten-

tially cause numerical problems. In this formulation, an estimate of the accuracy of
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the solution is obtained by comparing the size of the diagonals encountered during
forward reduction to an average of the original diagonal values. A better estimate
would compare the size of a newly computed diagonal to its previous value. In this
way, a change in magnitude will reflect possible ill conditioning,.

In the Gaussian elimination scheme, when the row corresponding to the master
node rotational dof is reached, elimination of the terms below the main diagonal

will require operations like:

Exaggeration of any existing ill conditioning due to the aR? term of a rotational
degree of freedom will not occur from these operations. Compare the elimination
required for a two-dimensional problem with stiffness € and a three-dimensional

problem with rotational stiffness eR2:

« —o a —aRR
(4-18) —a a+te —aR aR?+ eR?
2D case 3D case

Each of the matrices above will have a ratio of post-elimination (new) to pre-

elimination (old) for the lower diagonal of

— ko kaL
kgsY ko2 — k1252 _ ¢
kglzd koo oa+te

This would imply the same level of ill conditioning, so the master node rotational
dofs are skipped when determining the conditioning of the stiffness matrix based
on the range of main diagonal values. The program will stop when the average
of the main diagonal values (excluding kgg’s) is larger than 10'° times the smallest
diagonal. This tolerance is used to flag a potential problem, not necessarily eliminate
ill conditioning. No ill conditioning has been observed for the buildings studied

in this or previous works so more rigorous conditioning checks are not deemed
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necessary.

4.3 Shear Spring Elements

Many sources contribute to the lateral analysis of a building besides the bare-steel
moment and braced frames. Even though the formulation includes composite slab
behavior, panel zone deformations, and foundation springs, there are still other
sources of stiffness and strength.

Several non-structural components of a structure may provide a certain amount
of lateral stiffness and strength to the overall structure that is not accounted for in
a typical structural design. Curtain walls, partitions, CMU in-fill around openings,
and stair framing may all contribute to the lateral resistance of the structure. Addi-
tionally, structural gravity framing not intended to be part of the lateral system can
have stiffness and strength contributions due to bending resistance of the columns
and to partial restraint of presumed simple connections. In general, it is too compu-
tationally expensive to include the gravity framing in a three-dimensional analysis,
although it could be included with the use of simple beam-to-column connections.

To simplify the model, an element called a shear spring is used to model stiff-
ness and strength. The shear springs can be located anywhere in a building, not
necessarily at nodal locations. They span between floors just like a column of the
frame, but they do not have any degrees of freedom associated with them. Their
contributions are lumped to the master node degrees of freedom at each floor. As
an example of their use, a vertical arrangement of shear springs could model a shear
building.

A shear spring resists relative horizontal displacements (top to bottom) in the
global x or y directions. A bilinear model defines the shear spring force-displacement
relationship by providing the initial stiffness k; or k, and a yield force FgH (figure
4.3). Engineering judgment and attempts to match measured building response can

be used to determine an appropriate amount of shear building stiffness and strength.
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Figure 4.3 Load-deflection relation for shear springs.

i -
)

y}'le ﬂ’ .

l i k;(*i
. XJMN

9

Figure 4.4 Shear spring stiffnesses.

The stiffness formulation of the shear springs is now derived. Each shear spring
1 of each story j can have orthogonal tangent nonlinear story stiffnesses kfc’j and
kzi/,j (figure 4.4). The displacements at the shear spring location first need to be
written in terms of the master node displacements using the three-dimensional small

rotation transformation. For a general location ¢ on a particular floor, this geometric
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transformation is

Azt 1 0 —YeMN AzMN
(4.19) Ay p=10 1 XMN AyMN or Ax°=TAxMV
Ab° 00 1 AGMN

where XMN = X¢ — XMN and YMN = ye — YMN (figure 4.5). Note that the

MN
y ec v <MN
<MN

®
|
XCMN

Figure 4.5 Transformation of displacements from master node to location c.

rotation of location c is also included in the transformation. This is an unnecessary
variable to keep track of, but the forces in a shear spring at location ¢ will contribute
to the torsion at the master node, so the master node rotation Y must remain
in the formulation. This transformation written for shear spring 7 connecting floors

j and j + 1 becomes
i __ v MN
(4.20) Ax; = T;Ax; .

Considering only story j bounded by floor j below and floor j + 1 above, the force
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displacement relationship for a shear spring is

B N 4 3 4 3
k;’j 0 0 —k;,j 0 0 A:c;-_H Ap;,j_H
0 k,; 0 0 -k, O Ay, Apy 1
0 0 0 0 0 0 A6 Apb .
(4'21) ) J+1 -y 6,j+1
0 —kyy; 0 0 k; O Ayj Apy i
I 0 0 0 0 0 0~ \ A0;- ) \ Apb, i
A notation for the 3 x 3 sub-matrices is introduced as
k;’j 0 0
i,S5 i
(422) KSS= | o kool
0 0 0
allowing equation 4.22 to be written as
(4.23) J J g+ J+1
4,88 4,58 i i
—-kj kj Ax;- Ap;-

The transformation T;'- from eqgs. 4.19 and 4.20 gives the exact relationship between

the forces of a shear spring and their contribution to the master node at level j:
(4.24) p}’N = [Ti|"p},

which can also be expressed in incremental form. Substituting (4.20) and (4.24) into
(4.23), the contribution of a single shear spring ¢ to the master node dofs becomes
; ;,SS ; i,SS
T, | [ axn | [ apy

(4.25) AR
i ,88 i 1,85
—[TG7 T, [T, AxyN Apj”
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which can be written as
(426) Ki.’SSAxMN = ApMN
f] J j

for story j. Note that a shear spring on story j contributes to the master node
dofs on floor j 4+ 1 above and floor j below the story. The overall story stiffness is
the sum of all the shear spring stiffnesses associated with that story (a total of nJS s

shear springs in story j):

n$S

7 .
(4.27) KSZAxMN = ApMN  where K5 = Q [K;;SS],

=1

The shear building stiffnesses Kf H are tangent stiffnesses, and the total shear build- _
ing tangent stiffness involves all of the master node dofs by the set of equations

Ns
(4.28) KSZAxMY = ApMY  where K37 = .a:l [KfH ]

J:
In the assembly above, n, is the number of stories. This stiffness only contributes
to the master node degrees of freedom. The forces at the master nodes can be
assembled similarly. Using equation 4.24, the forces can be summed for all shear
springs ¢ associated with floor j, and these master node forces can be assembled

into the pSH vector of all building forces. This summation and assembly can be

expressed as

nss
(4.29) p*H = jtzil > (T i)
i=1

As mentioned above, the shear springs can be placed at arbitrary locations within
each story of the building. In the absence of specific information, one strategy is
to place a shear spring at each column location, including columns that are present
in the model (frame columns) and those that are not (gravity columns). The x
and y stiffness and strength of each shear spring would be made the same, equal to

the desired lateral stiffness and strength in a story divided by the number of shear



66

springs in that story. This method will automatically establish specific values for
the torsional stiffness and strength in the story due to the shear springs. In the
deformed state, the alignment of frame columns and shear springs positioned in the
same location will not be perfect since the shear springs are moving as a rigid body
connected to the master nodes, whereas the average of a frame’s column movements

is constrained to rigid body motion with the master nodes.

4.4 P-A Effects

Planar frames can act as a three-dimensional structure using the constraint equa-
tions, but additional P-A effects must be accounted for and assembled to the master
node degrees of freedom. Vertical loading carried by gravity columns not included
in the model will create a P-A effect discussed in the next subsection. The P-A
effects on frame columns in the plane of the frames is automatically accounted for
through geometric updating, but the P-A effect in the out-of-plane direction must

also be included, and is discussed in the following subsection.

4.4.1 Gravity Columns

Vertical loading not carried by the frame columns will create a P-A effect. Since
the frames and shear springs provide all of the lateral resistance, when the top of
a gravity column moves relative to the bottom, the resulting P-A horizontal couple
will be carried by the frames and shear springs, not the relatively flexible gravity
column. Gravity columns are typically not included in the model, and if they are,
they are represented as single column frames. To include this P-A effect, cumulative
gravity loads are placed in plan at gravity column locations. In this way, the P-A
effect can be determined in each direction for gravity columns and tied to the frames
through the master node constraints.

Many programs account for P-A effects by assigning a force couple at floor levels
to induce the incurred moment and by reducing the stiffness of the story between the

floors based on the force and displacement levels. These programs can give accurate
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results, but there are drawbacks to these techniques. For example, ETABS assumes
the input mass at each floor can be used as a constant load on the columns of the
structure on a floor-by-floor basis. This allows the geometric stiffness reduction
that is dependent on axial load to be assembled to the building stiffness prior to
analysis. In this way, ETABS can approximate the P-A effect without any iteration
(Wilson 1997). The drawback is that if a column has uplift from overturning, it
will still receive a P-A stiffness reduction as if a constant downward load were being
applied. This approach assumes small lateral displacements relative to story heights
and ignores nonlinear beam-column stiffness effects altogether in its global approach
(Wilson and Habibullah 1987). While this method is simplistic, it will be used for
the gravity column P-A effects.

The cumulative gravity load PJZ associated with gravity column ¢ of story j
produces a negative geometric stiffness written in the same form as the 3 x 3 shear

spring stiffness (eq. 4.22):

[ P
£ 0 0
i, P—A _ pi
(4.30) k; =0 - o
0 0 0

This can be assembled the same way the shear spring stiffness was by replacing

k;’SS with kj.’P_A in equation (4.25) and summed for all gravity loads for story j as

(4.31) KPAAxMN = ApMN.

The resulting geometric stiffness equation is the same as developed in Wilson and
Habibullah (1987). The geometric stiffness associated with the gravity column loads

for the entire structure is

(4.32) KB4 = j@ [Kf—A]

where 7, is the number of stories.
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As in the case of shear springs, the transformation T;- from equation 4.19 pro-
vides the exact relation between the forces at gravity column location ¢ and the

master node at level j:
(433) piY = [T .

The forces can be summed for the nf ~& locations at each floor j where gravity

loads have been placed and assembled into the total force vector as

P-A
Ns nj . .
(4.34) pf=2 = a ([Ti1" p)
i=1

4.4.2 Frame Columns Out-of-Plane

Out-of-plane frame displacement will create a geometric effect that must be carried
by frames and shear springs providing transverse resistance. The out-of-plane dis-
placements and column forces are tracked, and their contribution as force couples
is summed at the master nodes. The original orientation of a frame () is used
to determine the out-of-plane direction (3 + 7/2) in which to apply the couples.
The out-of-plane geometric stiffness reduction is not considered in the updating of
the global tangent stiffness matrix. While the tangent stiffness is a function of the
current deformation state, no other stiffness contribution is directly a function of
the current forces. Neglecting the contribution prevented the load vector from being
passed to the stiffness assembly routine. Convergence did not appear to be greatly
affected.

The out-of-plane geometric stiffness effects are included when updating the resid-
ual force vector, summing the effects at the master nodes. For the gravity loads of
the previous subsection, the force couples are applied to the master nodes based on
relative displacements of gravity columns at adjacent floors. These displacements
are determined by transforming the master node displacements to the gravity col-
umn locations based on rigid body motion (equation 4.19). For frames, the force

couples are determined from components of displacement perpendicular to the orig-
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inal orientation of the frame (figure 4.6). This is consistent with other assumptions,

including the constraint stiffness that also uses the original frame orientation. A

current
orientation \ original
orientation
MN
e
l ]
MN
.-__zx
Figure 4.6 Out-of-plane P-A effects for frame columns.
X1 Y5
oMN
top bottom
MN ~,MN
X1 > Y
[
MN j+1
f ~ 1 —~of f
XN YN P XY =X Y
[
MN j

Figure 4.7 Column current location at floors 7 and j + 1.

frame has local in-plane displacement z| and out-of-plane displacement z,. The

in-plane displacement comes directly from the frame degrees of freedom, whereas
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c, L
J

origin (a) (b)

Figure 4.8 (a) Component of column displacement perpendicular to original frame orien-
tation. (b) Global components of out-of-plane displacement.

the out-of-plane displacement must be approximated from the master node displace-
ments assuming rigid body motion. The relative out-of-plane displacement between
floors at a column location ¢ will be determined from the updated coordinates at
each floor (figure 4.7). The column is located a distance X;f from the frame origin
measured along the axis of the frame (figure 4.8). The coordinates of column c at
floor j are X7 and Y in the global coordinate system. They are updated based on
the current location and orientation of the frame they come from. The frame origin
is located a fixed distance (X Jf MN Y}f MNy from the master node in the original ori-
entation, where X Jf MN _ x ]f -X JM N and ij MN _ Y}f - YjM N The frame location
is adjusted for the master node motions, and the column is then located along the

current orientation of the frame:

(4.35) X7 :XJI-"IN-%XJ’.CMNCOSH;-WN ——ijMNsin9§VIN+X;f cos(ﬁ—l—Oj-VIN)

(4.36) Yy =YjMN —i—X]J.cMN sinG;-‘lN—ijfMN COSGj-WN —I—X]c-f sin(,@—i—H;\lN).

The master node rotation, 84V, locates the frame origin. Once located, the col-
i g )
umn is located a distance X;f along the current frame orientation, 8 + 9;” N The

locations of the top and bottom of the column are determined in this manner, and
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the difference in their locations is represented as A:E;, Ayj in global coordinates:

(4.37) Az§ = X5, — X8

(4.38) Ays

—Y¢._VY¢
J_YJ'+1 YJ

Now, only the portion of this story displacement which is perpendicular to the origi-
nal orientation of the frame (3) is desired for the out-of-plane P-A force application.
The out-of-plane displacement, Az ;, of a column (figure 4.8(a)) can be expressed

in frame coordinates based on the column story displacements

- - " Agj
(4.39) Azd ;= [— sin8 cos ﬁ}
Ays

The global components of this perpendicular distance, Aac;"" and Ay;’J‘, (figure
4.8(b)) are

(4.40) Azt = —(AxS ;)sin B

(4.41) Ayt = (Azf ;) cos B

The master node dofs are updated for the P-A forces using the distances between
the column top and bottom and the master nodes at floors 7 + 1 and j, namely
;ﬁN and XJ?_,]‘_/IlN at floor j + 1 and X;MN and X;MN at floor j. See figure 4.5

for the definition of these distances. The update uses the global components of



72

perpendicular displacements determined from equations 4.40 and 4.41:

([ un ) [ un ) [ ]
Pzj+1 Pg,j+1 1 0
MN MN
Dy,j+1 Pyj+1 0 1
MN MN _yvcMN cMN c,L.
(442) | Pojir | _ ) Pg,j+1 [ PP-YEAT X Az;
: - X
2 Pj -t 0 Ay
)N pyN 0 -1
MN MN cMN _YcMN
| Po; ) | Py Rf X

These forces at the master nodes can be assembled into the global force vector:

MN
g Pji1
(4.43) po’T = @
J= MN

P;

where n, is the number of stories and péVI N = (pi\’{]N p%-N pgjij ).

4.5 Geometric Nonlinearity

Two assumptions concerning the size of angles are made in the three-dimensional
stiffness formulations. First, the total angle of twist of a building in the plane of
a floor is assumed to be small. This will be called the small angle assumption. It
affects the constraint equations and the P-A effect of out-of-plane displacement of
frame columns. Second, the incremental rotation of a master node is assumed to be
small. This will be called the small rotation assumption. It affects the shear spring
stiffness, the P-A effect of gravity loads not carried by frames and the story-damping

formulation.

4.5.1 Small Angle Assumption

The frame module is a two-dimensional entity which provides resistance only in

the original plane of the frame. Nodal updating in this plane accounts for moment
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amplification (member buckling) and in-plane P-A. For three-dimensional analysis,
the constraints connecting frames together use the original orientation of the frame,
B, and the fixed perpendicular distance to the master node, R. A frame will assemble
in its local in-plane direction regardless of whether one story has rotated relative to
another. Since these geometric quantities are not updated, the constraint equations
are linear. Implicit here is the assumption that the total rotation of the building is
small. This assumption is not detrimental to the solution since rotations will not
exceed a few degrees for the variety of buildings investigated in this work.

The P-A contribution of frame columns in their out-of-plane direction uses the
same small angle assumption of the constraint equations: the out-of-plane direction
is assumed to be 3 + /2, without updating the current angle. The current orien-
tation is used to determine locations of frame columns, but the assembly assumes
the original orientation to determine the direction of the load, so there will be some
error due to cumulative rotations. However, the out-of-plane P-A effect is secondary
in nature. There will be a small error in the orientation of force couples that are due
to the out-of-plane displacement of frame columns only. In most cases, this will be
a small error (in angle) of a small fraction (out-of-plane frame columns vs. in-plane
frame columns plus gravity columns) of a secondary effect (P-A forces). Further
attention is not warranted based on the level of accuracy of other assumptions being

used in the program.

4.5.2 Small Rotation Assumption

The stiffness formulations in this work are for nonlinear analysis with a time-stepping
solution. Small increments in displacements occur in each step, so displacement
transformations take this into account. Specifically, the displacement transformation
used for the shear springs (eq. 4.19) assumes the rotational increment is small.
The same transformation provides exact results for forces (eq. 4.24). The P-A
contribution of loads carried by gravity columns is assembled to the master nodes
and uses the same small rotational increment assumption used for the shear spring

contributions. The damping formulation to be developed later in the chapter also
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uses the small rotation assumption.

The small rotation assumption has been used commonly to linearize the equa-
tions of motion (Weaver and Nelson 1966; Wilson and Allahabadi 1975; Wakabayashi
1986; Chopra 1995) by removing trigonometric functions of the rotations from trans-
formation equation. This assumption is valid for the nonlinear inelastic problems
solved here. The program solves iteratively for small time steps, so the incremental
displacements are small and the approximation will not lose any accuracy. Some
buildings are eccentric and exhibit torsional response from the lateral excitations,
but even in the inelastic range for severe records the cumulative rotations are not
large enough to affect accuracy with the small rotation assumption being used for
the increments.

If small rotations are not assumed, the transformation of displacements from the

master node to any location ¢ will be of the form

Az’ = AgMV 4 XMN co5(AGMN) — YMN gin(AGMN) — xMN
(4_44) Ayc — AyMN + XcMN sin(AeMN) + YcMN COS(AOMN) _ YcMN

AG° = AGMN

where XMN — x¢ — XMN apd YMN — ye¢ _ YMN (figure 4.5). If the small
rotation assumption is used, the transformation is equation (4.19), repeated here in

equation form for comparison.

Az® = AgMN _ yeMN gin(AgMY)
Ay = AyMY 4 XMN gin(AGMN)

AG° = AGMN

A pure torsion example can quantify the error associated with the linearized
equations for small rotations. Assume a point is being rotated about the master
node with the starting point at (Xo,Yo) = (1,0) and the master node located at
(XMN yMNY — (0,0) (figure 4.9). If equal incremental twists occur each step until

a total rotation of II/4 radians is achieved, then there will be a cumulative error
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XMN: vMN

X0-Yo

Figure 4.9 Pure torsion example.

A@ || Cumulative | Cumulative Average Average
(xII) || Errorin X | Errorin Y || Error in X | Error in Y
0.050 7.0% 5.6% 1.4% 1.1%
0.025 3.3% 3.0% 0.33% 0.30%
0.005 0.63% 0.61% 0.013% 0.012%

Table 4.1 Small rotation error for large twist.

based on the increment size. The results for several increment sizes are shown in
table 4.1.

The total twist is 45°, which is much larger than most buildings will achieve
before collapse. The incremental rotations 0.05I1, 0.0251I and 0.005II radians cor-
respond to 9°, 4.5° and 0.9°, respectively. Considering the small time steps used
for time history analysis in this work, 1° would still exceed the maximum rotation
observed in a time step. If the incremental rotations were this size and occurred
monotonically as in the above example to always add to the cumulative error, a
total twist of 45° will still have less than 1% total error.

The small rotation assumption is concerned with increments, not with total
rotations. If the increments were small enough, this assumption would be valid for
large total rotations of building floors. The small angle assumption is concerned
with the total angle, so even if the small rotation assumption does not introduce
large cumulative errors, the constraint equations and out-of-plane P-A forces can

have large errors for large total rotations.
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4.6 Stiffness Assembly

Now that all of the individual stiffness contributions have been described, the full
building stiffness matrix can be assembled. The assembled frame stiffness (3.60) for
each frame, the shear building stiffness (4.28), the constraint stiffness (4.16) and the

gravity column geometric stiffness (4.32) can be assembled into the building stiffness

n

(4.45) Kr= Cli (K] + @ [K3"] + G [KF] + G [Kg—A]

where ny is the number of frames.

The force vector is assembled in a similar manner from the frames (3.61), the
shear building (4.29), the constraints (4.17), the gravity column P-A (4.34) and the
out-of-plane frame column P-A (4.43):

@) p=G P+ AR+ AR+ AR+ A 7).

The stiffness equations for all of the building degrees of freedom for a static

problem is
(4.47) KrAx=f —-p=Ap

where f are applied static loads. The dynamic problem formulation and the solution
of equations will be discussed in chapter 6.

The assembly of the global building stiffness matrix raises a concern about the
effect on the bandwidth of the constraint stiffness matrix. Proper numbering of
the nodes and their dofs will lead to no affect on the bandwidth. If the numbering
is done by floor across frames, a minimum bandwidth will be achieved. Consider
a two-dimensional structure with two moment frames and four columns per frame
and master nodes with only one dof per floor (figure 4.10). Each column joint
has four dofs/node so each frame will have 16 dofs/floor, which are connected to
the 16 dofs above and below. This means that by numbering the dofs by floor,
there will be 33 dofs/floor (16 dofs/frame plus 1 dof/master node) and a semi-
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bandwidth of 37, since a column horizontal displacement (dof 1) at the bottom of a
column will be coupled to the rotations (dofs 36,37) at the top. The shear building
stiffness described in section 4.3 ties adjacent floor master nodes together. With
the master node, there are 33 dofs/floor, so the semi-bandwidth is 34 based on the
shear stiffness contribution or 37 based on the stiffness of any column. If there were
no master nodes, the semi-bandwidth would be 36, so only a minimal increase is
observed. Denoting the number of degrees of freedom per frame i per floor 7 by nz
and the number of frames by ns, an upper bound to the semi-bandwidth Ngg can

be expressed in general as

ny
(4.48) Nsp = max <Z nl +4+ 1) :

=1

For a problem with diagonal braces, the semi-bandwidth would increase by four.

s L L I Y
= [ 0]
- N 34-37 38-41 42-45 46-49 50-53 54-57 58-61 6265 66
% . g FRAME 1 FRAME 2
) I -2 O S O S G f% vy
8 R D R N
— T T

1-4  5-8 9-12 13-16 17-20 21-24 25-28 29-32 33

Figure 4.10 Numbering of dofs for a 2D example. MN = master node.

The formulation calculates the semi-bandwidth by looking for the maximum differ-
ence in dof number for each element type. It searches through each beam, column,
brace, and master node looking for all connecting elements and storing the largest
difference in dof number. This largest number is the semi-bandwidth. The building
stiffness matrix K is stored in banded form to reduce storage requirements.

The effect of the constraints on the sparsity of the global stiffness matrix can
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As can be seen from the above qualitative matrix representation, the constraint stiff-
ness does not adversely affect the bandwidth of the global stiffness matrix. Denoting
the number of degrees of freedom per frame i per story j by nf and the number
of frames by ny, an upper bound to the semi-bandwidth Ngp can be expressed in

general as

ny
(4.49) Ngp = max (Z nl +44 3) :
T\
Note the similarity to equation (4.48) for the two-dimensional case. As with the 2D
case, the semi-bandwidth will increase by four if there are braces in the structure.
The only difference is that there are now three dofs at the master node instead of

one.

4.7 Mass Formulation

Masses can be located at frame nodes and master nodes. The frame nodes can have
both in-plane horizontal and vertical masses assigned to their respective degrees of
freedom. The two masses at a frame node ¢, mg and mg, can be different if so
desired. Typically, an engineer will include a portion of a building’s live load in the
calculation of the reactive horizontal mass. Because of the potential for live loads
to slide relative to the floor, a smaller portion of the live load can be considered for
the horizontal mass than for the vertical mass. No contribution to joint rotational
dofs is made.

Master nodes will have masses associated with them to account for additional
horizontal mass that the frames must support. All of the horizontal inertia of the
mass must be carried by the lateral system (frames and shear springs), whereas
gravity columns which do not provide lateral resistance will only carry their tribu-
tary vertical inertia. These vertical inertia forces are assumed to be carried straight
down the gravity columns to the ground. If the vertical dynamic response of these
masses is important for a specific structure, gravity columns could be modeled as

single column frames so that the total vertical mass is included. The input required
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for a master node is MM, Mé‘l N and IMN, These are the masses tributary to the
gravity (non-frame) columns for the two orthogonal horizontal dofs of the master
nodes and the corresponding mass moment of inertia, respectively.

If a frame is in motion out of plane, the transverse response of the in-plane mass
will cause inertia forces on the frames providing resistance in that direction. The
out-of-plane inertia effects need to be summed at the master node, but the mass
being lumped at the master node only contributes to the response in one direction.
Frame out-of-plane contributions will therefore produce unequal horizontal master-
node masses.

Consider the out-of-plane motion at a frame column. The displacement of a

node ¢ determined from a rigid body motion of the master node is

AiL‘M N
Azx® 1 0 —YeMN
Ayc 0 1 XcMN

AeM N

where XMV — x¢ . XMN and YMN — y¢ _ YMN (figure 4.5). The portion of

this displacement which is out-of-plane, Az, (figure 4.8(a)) is determined from

Az
(4.51) Az = [— sin3 cos B]
Ay°

This allows the column motion and master node motion to be expressed as

(4.52)
4 A [~ N
Amﬁ 1 0 0 0 ¢ \
AzxS
AzS 0 —sinB cosfB YMNginpg 4+ XMN o5 I
A:L'M N
§ AzMN =10 1 0 0 . ’
AyM N
AyMN 0 0 1 0
AOM N
\ AGMN ) 0 0 0 1 . ’
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where Amﬁ is the in-plane horizontal motion of the column node. This can be
written as x* = T;,x, where x* are the augmented displacements including the
dependent out-of-plane motion of the column. The forces can be derived from the
augmented forces similarly as f = Tﬂf*. Using the relation M*X* = f* and the
transformations just mentioned, the mass matrix for the independent dofs instead
of the augmented dofs will be
(4.53) M = T}, M*T,,.

Considering only one column and one master node, the augmented mass matrix

would be
-m; 0 0 0 0|
0 mé 0 0 0
(4.54) M*=|0 0 MMN o 0
0o 0 o MMN 0
[0 0 0 o 1MV

Note that the frame node horizontal mass mg is assembled to both the in-plane
and out-of-plane dofs. The mass matrix for the actual set of degrees of freedom

(equation 4.53) becomes

(4.55)
mg 0 0 0
YcMN :
MMN 4 mesin? 8  —mSsinfBcosf —mSsinf ( +smﬁ )
M — XeMN o33
- MMN § e cos? 3 ¢ cos 3 (YcMNsinﬂ>
m¢ cos m& cos +
\ Y z e XeMN 053
SYM TMN

Note that the mass matrix is no longer diagonal. The mass matrix is never inverted

in the solution technique and modal separation is not required, so this does not
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pose any problem. The off diagonal terms all occur at master node dofs. The
resulting mass matrix has a semi-bandwidth of three, so storage and multiplications
are adapted accordingly.

The in-plane and out-of-plane motions of frame masses have now been addressed.
The rotational inertia of the frame masses must also be considered, though. The
mass moment of inertia that results from the frame in-plane masses is automatically
summed. Out-of-plane mass contributions are added to the input mass moment of

inertia at the master nodes:
(4.56) IMN = PN N mg ((XEN - X902+ (VY - Y)Y,
i

where X II‘D/IN and YPMN are the coordinates of the intersection of the plane of the
frame and a line drawn from the master node perpendicular to the frame.
The mass matrix remains constant, independent of the configuration and state

of the structure.

4.8 Damping Formulation

Rayleigh damping is a common model used in practice. Modal damping is also
frequently used for modal analysis, but is not practical for nonlinear time history
analysis. Classical or Caughey damping is sometimes used to get a better fit over
several modes than Rayleigh damping can provide. In nonlinear time history anal-
yses, excessively large and unrealistic damping forces can be observed with linear
damping since the resulting damping forces can easily exceed the physical means
by which damping would actually occur. The damping forces have been observed
to be large relative to the forces carried by a yielding frame. Damping remains a
poorly understood or measurable quantity in building structures, so another type
of damping is used in this program which is more physically intuitive. Nonlinear
damping called story damping has been chosen to limit the viscous forces to specified
values so that unrealistically large damping forces are not generated when structural

yielding causes high relative velocities. These nonlinear inter-story dashpots resist
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relative horizontal motions between floors. Forces in the dashpots will be capped
at a specified inter-story velocity. The dashpots can be placed at the same location
as shear springs and assembled in the same way. Dashpot “stiffness” can be chosen

to provide a desired percentage of critical damping,.

\F
Fc’

4 -F(];)

Figure 4.11 Nonlinear inter-story damping force.

Nonlinear, inter-story damping is appealing because it makes sense physically.
Initially, when a structure has only been mildly shaken by an earthquake, many
non-structural components can absorb energy and dampen the response. For large
amplitude excitation, these elements will most likely be damaged and no longer able
to dissipate more energy. When this source of damping is limited, the inelastic be-
havior of the structural frame will provide the remaining damping. A bilinear model
(figure 4.11) defines the force-velocity relationship by providing a cutoff velocity 'ug
that corresponds to a yield force Fg . The yield force is chosen to maintain reason-
able damping force levels. The cutoff velocity is chosen for the given yield damping
force to provide acceptable elastic damping in the lowest mode of the building (1%
to 5%). The velocity required to achieve a desired level of damping in the first mode
can be determined experimentally, and this will be discussed in chapter 7. As the
structure undergoes nonlinear response, the damping will level off when inter-story

velocities exceed the cutoff velocity.
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Additional mass and stiffness proportional damping can be used in the formu-
lation, but they are set by the original mass and stiffness matrices and do not vary
as the stiffness changes in nonlinear response of the structure. A small amount of
this Rayleigh damping is used for numerical purposes. The overall damping is non-
classical, so even in modal form the equations of motion are coupled by off diagonal
damping terms. The effective modal damping resulting from the story damping will
be discussed in chapter 7.

Three types of damping can be provided: mass proportional, stiffness propor-

tional, and story damping resulting in the following equation for damping:

(4.57) C = aoM + a; K + CT(x(t))

where C5T

is the nonlinear story damping. Higher order terms of a Caughey Se-
ries for classical damping are not used, but Rayleigh damping can be achieved by

choosing coeflicients ag and a3 so that

¢ l/wm w a
(4.58) "=z fom | ) 20

Cn 1/ Wp Wp ai

is satisfied (Clough and Penzien 1993, p. 236). For equal damping in two modes,
this simplifies to

ap 9 Winw
(4.59) = TC e
ai Wm T Wn 1

The story damping can be assembled the same way the shear spring stiffness was

by replacing k;",ss with cj.’ST, Ax with }.{;VIN , and Apj.”N with q;-"f N in equation
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(4.25). Here, the 3 x 3 sub-matrix is

F2.
2 0 0
(4.60) T=| o g of,

e
c
0 0 0

where the damping force yield level can be different in the two orthogonal horizontal

directions. The effect of one story dashpot ¢ becomes

. i ST i 1T ST o MN MN
(461) [T: 1] ey Ty —[Thal el T X | ) o
o - ?
AT 4,ST T 6, ST MN MN
—[T;-] c; Tj+1 [T;] c; Tj x; q;

which can be written as
i,9T « MN MN

for story j. Note that this relationship is not linearized as in the case of shear build-
ing stiffness. Linearization for velocity nonlinearities is not as straightforward as
for displacement nonlinearities. Because the story damping is calculated based on
initial elastic properties, the total damping matrix can be expressed as C from equa-
tion 4.57 assuming the damping is linear. This is why the damping force equation
can be written above for total motion, not incremental motion. The nonlinearities
are accounted for by corrections to the residual force vector. This will be discussed
in chapter 6.

The story damping is summed for the n? dashpots on story j as

d

ST;MN _  MN ST _  [ciST
(4.63) C; %" =q; where C; —ig,l [Cj }

The story damping for the entire structure is assembled over the total number of
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stories ng as

Ns

(4.64) CST = ]_g,l [C3T]

where n; is the number of stories.

The total damping forces using the complete damping matrix (4.57) are
(4.65) qt = Cx,
and the resulting forces are linear. The portion of the forces assumed to be linear is
(4.66) Q5T = Cc57Tx.

As in the case of shear springs, the transformation T; from equation 4.19 pro-
vides the exact relation between the nonlinear forces at dashpot location ¢ and the

master node at level j:
(4.67) | q; PN = [T

The forces can be summed for the n;-l dashpot locations at each floor j and assembled

into the total story damping force vector as

nd

ne |

i 5, ST
(4.68) ¢V = G ;([T}JTQ} )
i=

This allows the nonlinear damping forces to be written as a linear portion and a

nonlinear correction:

total linear correction
RN L TSTNL  STIn

The effect of nonlinear damping on the equations of motion will be discussed in

chapter 6 and quantification of the damping level will be discussed in chapter 7.
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Chapter 5

Three-Dimensional Columns

The developments thus far allow a structure with unconnected, arbitrarily oriented
planar frames to be analyzed. A broader class of problems could be solved with the
addition of a special column element that ties orthogonal frames together. Many
modern steel buildings fall into this classification, so the planar frame model de-
veloped in chapter 3 using the constraints developed in chapter 4 can accurately
model three-dimensional behavior of these structures with the addition of a three-

dimensional column element.

5.1 Modeling Considerations

The sophistication of the three-dimensional segmented fiber element model should
match the level of approximations and types of assumptions already used in the
program development. The following assumptions have been made for the three-

dimensional columns:

e Only orthogonal orientations of the plane frames are permitted.

Torsional stiffness is neglected, giving five dofs at each end of a segment.

Shear deformations are assumed elastic (same as planar case).

Plane sections remain plane (same as planar case).

Uses the same fiber elements as in the planar case.
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Torsion has been neglected for several reasons. The global analysis is capable
of large displacements, but assumes small rotations. Even a torsionally irregular
building subjected to a large near-source pulse excitation may exhibit only small
rotations even if its columns experience 20% drift. In the next chapter, some example
structures are analyzed for different assumptions to quantify the amount of rotation
that the program should be able to accurately model. The resulting twists are small,

and the corresponding torsional stresses will also be small. Englekirk writes

torsional stresses, however induced, are seldom calculated, for they

have little or no impact on the strength limit state of a member. !

The three-dimensional rigid body constraints imposed on the frames will cause cor-
ner columns to twist a small amount for unsymmetrical loading or an irregular
structure. The small rotations will cause low stresses that can be ignored. The pro-
gram does not address the lateral-torsional stability of the column in this twisted
state. Additionally, for most buildings relying on corner columns, the section is typi-
cally a tubular section or a stocky wide flange. These members provide a great deal
of torsional resistance and generally do not experience lateral-torsional buckling.
Torsional dofs have not been included, but a member’s torsional resistance could be
assembled to the rotational dofs of the master joints. This contribution tends to be
smaﬂ for a realistic building and is ignored. It is not believed that this will be a
non-conservative assumption because of the aforementioned small rotations.

Orthogonal framing allows the beam and panel zone forces to be accounted for
easily, especially considering that torsion has been neglected. Further developments
of the three-dimensional column could allow arbitrarily oriented framing, but this
has not been developed in this work.

There are several methods for determining the orientation of the members re-
sulting from the geometric updating of segment internal nodes. Chen and Atsuta
present a method for determining the orientation of a segmented plastic beam-
column (Chen and Atsuta 1977, Ch. 11). They keep track of segment orientation

for arbitrary displacements and rotations at each end. Their method requires many

! (Englekirk 1994, p. 281)
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transformations and is based on a formulation that considers torsion. A method
that determines orientation based solely on the location of segment ends is desired
since rotational transformations do not commute and the problem is nonlinear. Be-
cause the assumed displacements do not have large rotations, there is no concern
that the member could accidentally be oriented 90 degrees out of alignment.

A projection method has been developed to maintain the forces and displace-
ments associated with the five dofs at each end of a segment. The method conve-
niently eliminates torsion consistent with the torsion assumptions. In this manner,
the five end forces of an arbitrarily oriented segment are projected onto five in-plane
forces associated with the major and minor axes of the segment. Other standard
methods would convert the five end forces to six orthogonal forces, introducing a

torsion that would then be eliminated.
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X,

Figure 5.1 Segment local (primed) and global (unprimed) axes.
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Figure 5.2 (a) Segment local degrees of freedom. (b) Segment global degrees of freedom.
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Figure 5.3 Projection of global displacements on local X} and X axes.
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/
Figure 5.4 Global directional cosines for X} axis.
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Figure 5.5 Projection of global displacements on local X} axis.
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The projection method considers the location of both ends of a segment in global
frame coordinates, X7, X2 and X3. Using the current and previous lengths of the
member, the axial deformation is determined. Projecting the current configuration
onto the X;-Xy and X,-X3 planes defines the local member axes, X] and X3,
respectively. The X} axis is aligned with the current segment axis (fig. 5.1). The
displacements in the local dofs can be determined from displacements in the five
dofs in the global coordinates. The local and global degrees of freedom are shown in
figure 5.2. The contributions of u; through ugz are shown in figures 5.3 and 5.5. In
figure 5.3, the global displacements uz and ug are projected onto the local X} axis
and ug and u; are projected onto the local X} axis. Global displacements u;, u and
us can be projected onto the local X} axis using the global directional cosines ~;
(figure 5.4). These projections are instead made using the local angles ¢; from figure
5.1. The relation between the directional cosines and local angles is shown in figure
5.5. Note in figure 5.2 that rotational dofs u4 and us are unchanged from global
to local axes since the local axes are in the planes perpendicular to the rotational

axes. The resulting transformation for all dofs is:

( ) T T ( )

U sinaq; —cosag 0 00 ug
U2 :};—‘;21 sin as ts;’l—‘;i 00 Us
(5.1) { d3 ¢ = 0 —cosaz sinas 0 0|9 wg ¢ or =Tu
g 0 0 0 10 Uy
L a5 ) | O 0 0 0 1] | us

The global displacements that result from solving the equations of motion pro-
duce the new configuration, which determines the angles used in the transformation
above. The transformation is used to obtain the local displacements that in turn
are used to determine fiber strains. The fiber strains are used to determine the
axial force. Shear forces are obtained from the configuration and end rotations of
the segment. Moments are calculated from the shear forces plus the bending due

to fiber axial stresses. These end forces are then transferred to global coordinates
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using the transpose of the previous transformation (figure 5.6):
(5.2} p =T7p.

A closer look at just the local translational forces shows that the transformation

X>
pS sinoy pS sinog,
2sinoy X, 2 sinoy
AS
p3 P1
o3 |
X X X,
Jx, @ (b

Figure 5.6 Projection of local segment forces on global axes.

does not preserve orthogonality:

(5.3) PP =p?+pi+p: whereas

(54) p'p=p"[T]T7]p

A2 | a2 1 1 . A
(5.5) = p2 + p2sin? op(1 + tanZan + - a3) + P2 + 2p1P3 cos ay cos a3
(5.6) = 2 + P2 + P2 + 2Py P3 cos ay cos oz
1 1
- - 2 _
(5.7) since sin® ag(1l + tanZan + a3) =1.
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The error in the magnitude of the resultant will be small, even for large deformations.
Assume equal forces and displacements in the X{ and X% directions and no force in
the X} direction. This configuration is possible for a building with predominantly

torsional response. The assumptions can be represented by

(5.8) p=7p1 =p3 equal forces
(5.9) p2 =0 no axial load
(5.10) a=a; = a3 equal displacement.

The error can then be expressed as

BT — /BT H

(5.11) Error = Y.P pA Ap L
%

(5.12) =1v1+4+cos2a—1.

One common criterion chosen for ending an analysis is when story drift reaches 20%.
If a column manages to reach 20% drift in each direction, cos a; = 0.2 and the error
will be less than 2%. Any axial force (2-direction force) will reduce this error since
the projection method does not corrupt this component in the transformation from

local to global forces.

5.2 Three-Dimensional Issues

Keeping track of three-dimensional properties can sometimes be confusing. The
orientation of a member in particular can be misinterpreted. For clarification, the
two orthogonal axes, X; and X3, do not necessarily correspond to the major and
minor axes of a column section. Major and minor axes will refer to the strong and
weak axes of the member section, respectively. The user can define the major axis
to coincide with one of the orthogonal axes and the minor axis will automatically
coincide with the other axis or its negative component.

A frame node for planar frames has four dofs: horizontal and vertical transla-
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tion and beam and column rotations. With a corner column present, the frame
node requires an additional horizontal translation and additional column and beam
rotations for the orthogonal axis. A frame node thus requires seven dofs if a corner
column is framing into it (figures 5.7 and 5.8).

Each segment of a 3D column requires five dofs instead of the three required for a

2D column. It has an additional horizontal translation and corresponding rotation.

u§ X5 X5 X5

C T C X4 ,7?\’9 X4 ,—#\ /T—\X7
us /( 4 X6 . X3 o X3 _I_ Xg o
X5 }< J<

®
u§ 7 X, X, Xs

Column End Frame Node

Figure 5.7 Orthogonal view of column and frame node degrees of freedom.

u§ X2 ug X2
s e sl A
e uf e ox, uS<— . xs.g .
X3 X6
X;-X5 Plane X5-X5 Plane

Figure 5.8 Planar views of column and frame node degrees of freedom.

The elemental fiber is unchanged, but it can now have geometric stiffness effects
in two orthogonal directions. In two-dimensional analysis, a column has eight fibers.
For three-dimensional effects, the breakdown of the member cross section is of more
concern, so a total of 20 fibers is used for 3D columns (figures 5.9 and 5.10). Gradual
yielding across the section can be accurately modeled for biaxial loading. A wide
flange and two types of box columns have been developed to cover the cases of the

structures analyzed.
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Figure 5.9 Fibers for wide flange and box three-dimensional columns.
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Figure 5.10 Fibers and dimensions for flanged box columns.
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Figure 5.11 Residual stress distribution for wide flange section.
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Figure 5.12 Residual stress distribution for built-up box section.
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Fiber Wide Flange Fiber Box Section

No. (times oR) No. (times oR)
1,7,14,20 1.0 1,6,15,20 1
2,6,15,19 -0.15 2,5,16,19 1/8
3.5,16,18 0.375 3,4,17,18 -3/8

4,17 0.5 — —

813 | 0.525A4;/A, | 7,8,13,14 | -1/8(4s/Ay)
9,12 | 0.3154;/A, | 9,10,11,12 | -3/8(4;/Ay)
10,11 | 0.2104;/A,, — —

Table 5.1 Residual stresses for fibers of three-dimensional column.

With a finer mesh of fiber elements, the residual forces can be modeled more
precisely than for the 2D case. Specifically, a distribution which is more appropriate
for stocky members has been chosen for the wide flange members (McGuire 1968,
pp. 233-234). Since these members are intended to be used as corner columns, the
typical member size will be stocky. A parabolic distribution is assumed, and the
values for each fiber are chosen to maintain equilibrium. There is no net axial force
resulting from the residual stresses in an unloaded member. A heavy wide flange
section has maximum compression at the flange tips and tension where the flanges
meet the web (figure 5.11) whereas built-up box sections have residual tension at the
corners and compression at the midspan (figure 5.12). The flanged box section is
assumed to have the same stresses as the regular box section. The residual stresses
for the fibers defined in figure 5.9 are shown in table 5.1. The values have been
chosen to ensure zero net axial force, so large discrepancies in flange to web areas
may cause an unrealistic distribution, but it will be in equilibrium. A; and A,
represent the areas of flange and web fibers, respectively.

The panel zone of a corner column has been chosen to have the same depth in
both orthogonal directions. Recall that there is no axial deformation within the
panel zone, so all of the axial deformation in a column line occurs in the column
clear spans. The clear span needs to be uniquely defined for corner columns, so the

panel zone is the depth of the deepest beam framing into it. Recall that columns
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frame into the mid-point of the panel zone top and bottom edges. For the 2D case,
the panel zone moment-couples cause the panel zone to shear. For a corner column,
the shearing will occur independently in each direction, but the interaction of the
resulting deformations must be considered. For the 2D case, the displacements of
the mid-point of the panel zone edges are determined from the beam and column

frame rotations §° = 6% and 6° = 65 (figure 5.13(b)):

CJ Cla = Cx%
3 CJ < YRR~
CJ T CJ7 o “/\ = ® %{7‘&%2
6 2 L
T 9 e
~ S ) X &
CJs CJ, L ICJ . o
(2) (b) e (o)

Figure 5.13 (a) 3D panel zone displacements. (b) X{-X} plane displacements, also 2D
displacements. (c¢) Dimensions.

cJ,
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X5 db
—~—ICJ; -
(b) & (o)

Figure 5.14 (a) 3D panel zone displacements. (b) .X%-X! plane displacements, also 2D
displacements. (c) Dimensions.
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CJy ———% cos ¢
[+

CJ, :% sin §°¢
b

CJs =% sin 6°

db
CJ, =5 cos 8°.

For the 3D case, when the four rotations have been calculated for the panel zone,

namely 62, 65, 65 and 6%, the displacements are as follows (figures 5.13 and 5.14):

(5.17)
(5.18)
(5.19)
(5.20)
(5.21)

(5.22)

(5.23)

dC
Ch =51 cos 6

dC
CJ, —:71 sin 65
d°
CJs =5 sin 6 cos 63

dP
CJy = cos 6° cos 65

dC

CJs =—2§ cos 65
dC

CJs =—2§ sin 65

db
CJ; =5 sin 63 cos 6%,

where the interaction can be clearly seen.

The major axis properties of a panel zone are determined in the same way as

for 2D analysis except for the beam depth, which is now based on the deepest beam

framing into the column. The minor axis properties are based on the following

assumptions, whether the column is a wide flange or a box section:

e The area of the column flanges times the panel zone depth is used for the

panel zone volume.

e The column width is used to determine the clear span for the minor axis beam.
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5.3 Stiffness Formulation

5.3.1 Fiber Stiffness

The 2D fiber element was described in section 3.3.1. A 3D fiber may undergo two

orthogonal transverse displacements resulting in geometric stiffness contributions

to the segment stiffness. The fiber stiffness gives the following relationship between

axial force and displacement:

-

* —— X'l
X'y
(5.24)

AF AF AF AF
us.pPs us,p>
AF AF AF AF
Ug,Pgq —= @ d - Uj,P1
AF AF AF AF
Ug.Pe usz,p3

Figure 5.15 Fiber local properties.

KfAa" = Ap”.

The forces and displacement can be seen in figure 5.15. The fiber local stiffness

(denoted with subscript ! for local) is:

(5.25)

1 00 -1 00

6 00 0 00O

The geometric contribution to the stiffness for transverse displacements in the
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Figure 5.16 Geometric stiffness of fiber in X{-X/ plane.

P/L (G5-Gh)

Figure 5.17 Geometric stiffness of fiber in X4-XJ plane.

X3 direction (figure 5.16) is computed as

(5.26)
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Similarly, the geometric stiffness in the X} direction (figure 5.17) is computed as

0

(5.27) K& ==

0

0 00 O
0 00 O
1 00 -1
0 00 O
0 00 O
-1 00 1

For each fiber, the total stiffness is Kf; = Kf}i + ch,';-l + KlG’z-3, summing the axial

and geometric contributions. The total fiber force displacement relation for fiber ¢

becomes

(5.28) KfAaf = Apf.

The individual fiber stiffness matrices are assembled for each segment as described

below.

\
)

2

O\

R
N
\&b\?\

Figure 5.18 Segment local degrees of freedom.
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Figure 5.19 Fiber local degrees of freedom.

5.3.2 Segment Stiffness

The segment stiffness for 2D elements was formulated in section 3.3.2. The 3D
formulation is similar, using separate interpolation of displacements and rotations.
As with the 2D segment, shearing is elastic and considered separately.

The relation between fibers and segments is shown in figures 5.18 and 5.19. Each
fiber ¢ has its centroid located a distance h; from the neutral axis in the X direction
and b; in the X3 direction. The transformation from segment displacements to fiber
displacements is easily determined by individually displacing the segment degrees
of freedom. Axial, shearing, and rotational displacements at the right end of the
segment are shown for both X7]-X) plane and X}- X/ plane displacements in figure
5.20. The resulting relation between segment displacements A@° and individual

fiber displacements Aﬁf is

(5.29) af = RPFaS
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Figure 5.20 Relation between fiber and segment displacements.

where the transformation from segment to fiber displacements is given by

0 10 —h; b 0 00 0 O
-100 0 0 O OO O O

001 0 0 0 00 0 O
(5.30) R5F =

The contribution of a fiber’s forces f)fF to the segment forces is denoted by f);-g
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and their relation is
(5.31) By = R pf.

Using the fiber equation (5.28), and substituting the displacement transformation

(5.29) and the force transformation (5.31) in incremental form, gives
(5.32) RIFITKGIRTT1AG® = Apj.

Summing the contributions from each fiber gives

(5.33) K)FAwS = Ap®

where the tangent segment stiffness due to fibers is summed for the total number of

fibers, ng:

(5.34) K" = Z{:([RfF]T[Kf}] R7).

=1
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The shear stiffness is determined using mid-span sampling as in the 2D case:

. 40 0 4 o Mg o A o]

6 0 0 0 0 0 0 0 0

N 0 -4 o0 £

A:zllll 0 __% 0 0 Aill 0

(5.35) K =g ER L
a0 0 -4 0

0 0 0
sym ‘?—33 0 —%
A}Lll 0

The projected lengths are used in the formulation since the local axes are in the

projected planes (figure 5.1). Theses projected lengths are:

(5.36) | I =1 (s?naz)
(5.37) Is = (S?no‘z) .

The shear area A; is dt,, for the strong axis of a wide flange section or 5/6(2bty)
for the minor axis. For a box column, A; is 2dt,, for the strong axis or 2bty for the
weak axis. The shear area A3 corresponds to the direction not being used for the
X, axis. For example, if the weak axis is aligned with the X; axis, then strong axis
properties should be used for the X3 axis.

Local segment forces can be determined from fiber stresses o;, geometric prop-
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erties and end rotations:

(5.38) P=> o4
=1
1

(5.39) Q1= §GA1 (611 + 612 — 201)

1
(5.40) Q3 = 5GA3 (631 + 032 — 20:3)

Np 1
(5.41) My = — ; oidihi + 5Q1ly
Ng 1
(5.42) My = ZUiAihi + §Q111

=1

N 1
(5.43) Mz = — 2; o3 Aibi + 5Qsls
1=
Ng 1
(5.44) M3y = Z 0;A;bi + 5@313-

i=1

The strains developed in the fibers are determined from the segment end displace-

ments in each plane

(5.45) € =

o =

. . h b
(a5 —ad) — 71(011 —012) — 71(931 — 032).

Refer to figures 5.21 and 5.22 to see the positive sense of all segment local properties
in the X{-X4 and X}%-X}, planes, respectively. Additionally, these figures define the
end angles, 01, 612, 611 and 612, in terms of the segment rotations, 44, @9, U5 and
110, respectively.

The global end forces of the segment are determined from the transformation

s T T
PP=Ts<-Q P -Qs My Msy Q1 —P Q3 My Mz >
(5.46) =TE<p, - Pro>"

= Tsp®
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Figure 5.21 Positive directions of various segment parameters, X7-X} plane.

where

(5.47) TS —
0T

and T is the transformation from equation (5.1). The displacement transformation
st =T Sus . Refer to figures 5.21 and 5.22 for the positive sense of the segment
end forces and to figures 5.1 and 5.2 for local and global parameters. The global

segment stiffness matrix can be determined from the segment transformation
(5.48) KS = TH(KPT + KP) T,
resulting in

(5.49) KSAu® = Ap®.



111

~s t0S P
03 AN
End 1 Q3
X'y
* — X'3
End2 | Ug Qs
aS N A
ﬁé%lulo p!| Ms2
Axes Dofs Forces Angles, Fibers

Figure 5.22 Positive directions of various segment parameters, X4-X/ plane.

5.3.3 Column Stiffness

Now that the global segment relations have been determined, the segment stiffnesses
are summed to formulate the member stiffness. Dropping superscripts denoting 3D

columns, the member stiffness is
Ng
(5.50) K = (K]
=1
and the member equation for all interior and exterior dofs is
(5.51) KAu=f-p=Ap,

where f are the applied forces and p are the member stiffness forces. The stiffness

matrix can be partitioned as in the case of beam-columns from section 3.3.3:

K, K
(5.52) K=| T 7

KEI KEE
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The member incremental displacements are solved with individual member itera-
tions using the exterior dof displacement increments recovered from the frame as
input, as discussed for the 2D members. The same derivation (section 3.3.3) pro-
vides the equation for a 3D column (denoted CC) in terms of its end (exterior)

degrees of freedom

(5.53) K CAu®® = Ap®®, where
(5.54) ApCC = £CC _ pCC

(5.55) £CC =1,

(5.56) p“C = {pr — Kp;K};'p/}
(5.57) u’’ =up and

(5.58) KO = Kpp — Kp/Ki K| -

The column end forces p©“© are applied to the edges of the panel zones and assem-

bled to the frame nodal forces that have applied forces f already assembled. The

fCC

forces never actually have to be determined since the columns are not solved

individually for the condensed exterior-only system. The tangent stiffness matrix
KCC is assembled to the frame stiffness matrix. Equation (5.53) gives the column
end displacements and forces in column global coordinates.

The column output forces (see figures 5.21 and 5.22 for segments, which are
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analogous) in local coordinates are calculated using the updated geometry as follows:

(5.59)

(5.60)
(5.61)

(5.62)

(5.63)
(5.64)

(5.65)

My = Mf"l, segment 1

Mz = Migz, segment Ng

1
Q1= ~naz (M1 + Ma2)

sinag

M3 = M:fl, segment 1

Mszo = M?;sz, segment Ng

1
Q3 = —L———(M31 + Msp).

sin ag

sin ag

These forces are for output purposes only.

The column end forces (equation 5.56) act at the end of the column which is

located at the edge of a panel zone. These forces must be transformed to frame

nodal forces that are applied at the center of the panel zone. The panel zone depth

d? and widths d$; and d;, and the beam and column rotations 6%;, 65, 65, and 65,

at each end (i or j) of the columns are used to determine the frame nodal loading

from the columns.

l‘\letl’!
T Ao
\ | -
\ o)
'\T g
: 195]
d° b o
£(A67) Y
o -
A 3
\ - et
Au S
AUSCT A8 Y cosal
Effect of beam
Incremental displacements rotation

Figure 5.23 Converting column end displacements to frame nodal displacements, X{-X/

plane.
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Figure 5.24 Converting column end displacements to frame nodal displacements, X3-X}
plane.

The incremental displacements can be found by imposing small displacements
of each of the frame nodal degrees of freedom (figures 5.23 and 5.24). Note that the
subscripts for the column ends (i or j) are not used in these figures which represent
the top end of a column. The resulting transformation from nodal increment Ax

to column end increment Aucc is

(5.66) SCCAx = Au®C
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where

(5.67) S¢C =

-10%20080'1’1-00 0 000 0 0 0 0 0|
01 %singt, 0 0 Lsin}, 0 0 0 0 00 0 0
00 0 01 %cosl, 000 0 00 0 0
00 0 10 0 000 0 00 0 0
00 0 00 0 100 0 00 0 0
00 0 00 0 010—fl2£c0s95’j00 0 0
00 0 00 0 001 —%?sineg’j 00 —‘%?sinegj 0
00 0 00 0 000 0 01—%2(:0502]-0
00 0 00 0 000 0 10 0 0
00 0 00 0 000 0 00 0 1

The forces can be transformed from the column end forces (Ap®“C from equation
(5.53)) to frame global coordinates ApF~CC (figures 5.25 and 5.26) by the transpose

of the same transformation
(5.68) ApF —-CC - [SCC]TApCC.

Note that the superscript in the figures is F', not F' — CC for clarity of the figures.

The column contribution to the frame nodal equations is
(5.69) K$°Ax = ApF—¢¢
where

(5.70) K% = [S9OTT[K°C][s9°].
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Column forces Frame forces

Figure 5.25 Converting column end forces to frame nodal forces, X}-X} plane.

Column forces Frame forces

Figure 5.26 Converting column end forces to frame nodal forces, X3-X} plane.
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5.3.4 Panel Zone Stiffness

For 3D columns, there are two panel zones per column acting in the planes of the
beams framing into the column. Both directions (¢ = 1, 3) have a panel zone stiffness
which relates the shearing strain %p Z of the steel volume acting in the plane of the
panel zone and the moment M/ Z that resists this strain. As for the 2D case, the
shear modulus is determined from a nonlinear stress-strain relationship, and its

instantaneous value is denoted G;r. The volume being sheared is

p
dedbt,, if strong axis of wide flange,

d°d®(ty, +tgp) same as above with doubler plate,
(5.71) ddt; = ¢ v

2dcdbt,, if strong axis of box,

2bedbt ¥ if weak axis of wide flange or box
\

where d¢ is the depth of the column, d? is the depth of the deepest beam framing
into the column, b° is the width of the column, ¢4, is the thickness of the doubler
plate, and ¢y and ¢,, are the thicknesses of the flange and web, respectively. The

shearing strain is related to the beam and column rotations in incremental form by
(5.72) AyFZ = AO? — A6S.
The resulting stiffness equation is

(5.73) K2 AxP? = Apf—PZ

1

F

where Apf' =% and AxPZ are the panel zone incremental moments and rotations

associated with the frame dofs in planes i = 1,3 and

1 -1 AG? Mb
(5.74) KLZ = Girddt; . AxPZ — i\ pF-Pz_ i

(2 1

-1 1 Age M?
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5.3.5 Assembly to Frame Stiffness
5.3.6 Frame Stiffness

The stiffnesses which contribute to the frame have been written in the frame co-
ordinate system. The three-dimensional column stiffness, 5.69, and the panel zone
stiffness, (5.73), can be assembled to appropriate degrees of freedom and added to
the frame stiffness (3.60):

(5.75) Ki =Kf + @ (KP° + K7 + KEF).

All of the stiffness contributions are tangent stiffnesses, so the governing total frame
stiffness is also. The stiffness forces at all the degrees of freedom of the frame can

also be assembled from the columns, (5.68), and the panel zones, (5.74), as
(5.76) pf =pf+ @ (pF—cc 4 plP7 pg‘—Pz) ‘

These contributions to the frame stiffness matrix and stiffness force vector are as-
sembled into the global building stiffness matrix (4.45) and stiffness force vector
(4.46), respectively.

5.4 Influence on Three-Dimensional Solution

The addition of the 3D column has several impacts on the solution of the system of
equations including extra storage and frame interaction considerations.

The 3D column requires additional storage for fiber properties, member dofs,
and frame dofs. Since the program is written in FORTRAN 77 , dynamic allocation
is explicitly performed within the program. Because of this, storage is provided for
seven dof/node instead of the four dof/node for three-dimensional analysis without
3D columns. Separate variables are used for most of the other 3D column properties
to limit excessive storage that is never used.

For most analyses, all of the column horizontal dofs are constrained to the master
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joints. For a 3D column, one axis acts in one frame and another axis acts in another
frame. Since constraints are applied by frame (see section 4.2), different dofs of a
3D column can be constrained to act with different frames. This is an additional
reason for requiring only orthogonal framing to the 3D columns since the current
constraint method would not be appropriate for skewed framing.

The foundation elements are modified to be capable of tracking nonlinear re-
sponse in two orthogonal directions corresponding to the column.

The stiffness in terms of the column itself and its effects on panel zones, con-
straints and foundations have been enumerated. The contribution of mass must be
considered separately, though. Recall that the mass associated with a frame node
has an out-of-plane contribution to the master joint which results in a non-diagonal
mass matrix (section 4.7). Considering the 3D column, out-of-plane motion for one
plane will be in-plane motion for the orthogonal plane. Thus, the in-plane mass
for the two orthogonal frames to which the column is constrained will fully account
for the horizontal translational motion of the mass, which in turn accounts for the
rotational motion. No mass or mass cross terms are assembled to the master node

for 3D columns.
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Chapter 6

Equations of Motion

The equations of motion are assembled from the individual element contributions
excluding the interior dofs of the beam-columns. The gravity loading is applied to
the structure first followed by the earthquake loading. The equations of motion are
integrated implicitly with iterations in each time step until convergence is achieved.
The tangent stiffness matrix is used, which produces increments in the displace-
ments at the nodal dofs in each iteration. Incremental member end displacements
are calculated from the nodal increments and applied to the individual members.
The member behavior is also nonlinear, so iterations are performed in the analy-
sis of these members. Each beam, column and brace is solved individually for its
end forces that are assembled into the right side residual force vector of the frame
equations. The frame tangent stiffness is also updated from changes in the member
tangent stiffnesses. Panel zones, foundations and the shear building contribute to
the residual force vector and the tangent stiffness used in the frame equations. The
residual force vector is also updated when using the nonlinear story damping.

The basic multiple degree of freedom dynamic problem for a linear system is
(6.1) Mi(t) + Cx(t) + Kx(t) = f = fg — MX(t),

where fg is static loading and MX,(¢) are the inertial forces created by the ground
motion acceleration inputs, Z4(t), §4(t), Z4(t). The three orthogonal acceleration in-

puts are repeated at all degrees of freedom corresponding to the respective directions
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of excitation.
The actual problem is complicated by the nonlinearities of stiffness and damping,
with K depending on the current state and history of x(t) and C depending on the

current state and history of X(¢). This nonlinear problem can be expressed as
(6.2) Mx(t) + q(t) +p(t) =1,

where q(t) represents the damping forces and p(t) represents the restoring forces. To
solve a nonlinear structure subjected to a loading time history, the formulation uses a
time-stepping scheme that performs iterations within each time step. The Newmark
method is used for the dynamic time integration and an improved modified Newton-
Raphson (IMNR) scheme is used for iterative convergence of the nonlinearities in
stiffness. The damping nonlinearities are corrected by modifying the residual forces

in each iteration instead of linearizing the problem as for the stiffness nonlinearities.

6.1 The Newmark Method of Time Integration

The Newmark method is a class of implicit methods for time integration. Differ-
ent choices of two parameters lead to different assumptions about the acceleration
between time steps and to different levels of stability. The method assumes that

displacement and velocity can be written as

63)  x(t+Af)=x(t) + K(OAL+{( — HR(E) + BR(E + AD}AL
(64)  (t+At) = %(t) + {(1 — V)X(E) + vR(t + At)} At

where v and 3 are the two parameters which determine the resulting scheme. The
choices used in the analyses presented here are vy = % and § = %, which correspond to
a constant average acceleration from time ¢ to time ¢+ At. This choice of parameters
results in an implicit method that is unconditionally stable for linear problems and
has no artificial damping. Stability is not guaranteed for nonlinear problems, but

the use of small time steps and the level of nonlinear response observed in this work
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have provided stable solutions. Such time integration schemes do induce period
elongation, but this is roughly 1% for At = 0.057;. Considering that most recorded
time histories are given in 0.02 sec increments, this effect should be minimal and
could be reduced further by interpolating the time history. Equation (6.3) can be
solved for X(t + At) giving

65  &e+80 =3 Atz{x(t+At) x(t)} - 3 Atx(t) (i_1)x(t)

Equations (6.4) and (6.5) represent velocity and acceleration at time ¢ + At as func-
tions of x(t),%x(t), X(t) and x(¢t + At). If equations (6.4) and (6.5) were substituted
into the linear equations of motion evaluated at time ¢+ At, the resulting equations
could be rearranged to solve for x(¢ + At) as a function of displacement, velocity
and acceleration at time ¢. This is an implicit scheme since it requires estimates of
velocity and acceleration at time ¢ + At to solve for displacements at time £ + At.
Once the displacements are determined, equations (6.4) and (6.5) can be used to
obtain the velocity and acceleration, respectively, at time ¢ + At.

For a linear system, the implicit scheme above can accurately determine the
structural response to an earthquake time history. There will be minimal error
since the scheme is unconditionally stable and has no artificial damping. For small
enough time increments, the period elongation will be irrelevant. Unfortunately, the
response to large ground motions is neither linear nor elastic so the above scheme

cannot be used unless linearization is performed.

6.2 Stiffness Linearization

The stiffness forces p(t) require linearization. The solution technique of the pro-
gram uses an improved scheme that provides the strength of the modified Newton-
Raphson method, but with faster convergence. The Newton-Raphson scheme de-

rives from a truncated Taylor series approximation for the nonlinear forces. The
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nonlinear relationship for one variable is
(6.6) p(z)=f

and the Taylor series expansion about z*

Remainder
-

61 )+ E| - ’°)+1d”|_mk( -

After truncating the series, the equation is linear, but is not exactly satisfied for z*
and p(z*) which approximate z and p(z), respectively. This leads to an iterative
solution, so the next approximation to p(z) will be p(z**1) obtained in the k%
iteration where

(6:8) P = p(at) + L, ok,

z—zk

Substituting this into equation (6.6) gives

(6.9) p(=*) + —\ gFtl — k) = f,

a:—:z;k

which is solved for Az*+1 = gF+! — gk, Note that Azx*+! will satisfy equation (6.9)
exactly, whereas equation (6.8) is only approximately satisfied.

In our problem, the stiffness forces p are nonlinear, but are a vector, so the
linearization is a generalization of equation (6.8):

(6.10) p(x*+1) = p(x*) + 6p(x) X)) AxF+L,

x~—xk

Our problem is actually a history of potentially nonlinear steps, so a step can be
denoted by At, a counting variable which is time for a dynamic problem. In a load
or time step, the variable changes from ¢ to ¢ + At. The stiffness forces are thus
p(x*t1(t + At)), or p**1( + At) to be concise. The tangent stiffness matrix, K%,

represents the instantaneous stiffness of the structure at the latest deformed state.
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9p(x)

It is analogous to the derivative expression from equation (6.10), =5 xexh "

These substitutions produce the linearization for nonlinear stiffness forces in a

time or load-stepping solution scheme:

(6.11) Pt + At) = KEAXF + pF(t + At).

6.3 Nonlinear Time-Stepping Formulation

Now that an integration scheme and a linearization of the stiffness matrix have been

developed, the nonlinear equations of motion can be solved by substituting these
formulations. The equations of motion (equation (6.2)) evaluated at time ¢ + At

and iteration k + 1 become
(6.12) MLt + At) + Lt 4 At) + pFT(t + At) = £(2 + At).

The nonlinear damping can be divided into a linearly proportional component and

a nonlinear correction term (see equation 4.69):

nonlJanear lifigar corrggtz'on
(6.13) QL+ At) = CEFTLU(E 4+ At) + dFFL(E + At).

The estimate of q*+1(t + At) uses information known at iteration k and also the
Newmark approximation of velocity at iteration k + 1 (equation (6.4)).

The linearized restoring forces (equation (6.11)) and damping forces (equation
(6.13)) are substituted into equation (6.12), and the nonlinear portion of damping,

d*+1 is moved to the right-hand side of the equation giving:

(6.14) MxFL(t 4+ At) + CxFTL(E + At) + Kb AxF! =

£(t + At) — d* Tt + At) — pF(t + At).

The nonlinear portion of the damping and the restoring force from the previous

step are treated as applied forces. The equations of motion are now solved for the
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incremental deformation, Ax**1. To obtain this solution, the Newmark equations
for velocity and acceleration (6.4 and 6.5) are rewritten for the incremental form of
the deformations x**1(¢ + At) = x¥(t) + Ax*™! and the parameter values y = 1

and g = % are used throughout this work. The new form of the equations is:

(6.15) %Lt 4+ At) = x(¢) + %{i(t) + %1t + At)} and

(616) %+ A1) = 5o (R (e + A0+ AxkH - x(1)} — k(D) — R(0)

Substitution of these values into equation (6.14) results in

K
(VP e
(617) | zpM+ 5C+ KT] AxFHL = £(t + Af) — dFTH(E + AL
pF(t + At)
’—pk"'l(t + At) — 2 Mm+lc xF(t + At;
At? At
g(t)
1A Mo 2]+ [ o] s + vz,
At? At At ’
This can be written in the simpler form
(6.18) KEAX* = £(t + At) — dF(t + At) — p*(E + At) + ()

using the definitions from equation (6.17). Note that p*(t + At) now includes all
effects due to the displacement x*(t+ At), not just stiffness forces. The transformed
stiffness K’}v includes mass and damping terms which only have to be formulated
once at the beginning of the time history. The tangent stiffness matrix is calculated
for each iteration of each step using elastic or tangent material properties, depending
on what the IMNR method requires for a particular iteration. Equation (6.18) is
solved for the increment of displacement in each iteration. The first increment in
each time step is the solution for the external load application associated with that

time step. If any nonlinearities have occurred in this increment, the answer will
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be wrong and additional iterations will be performed solving for the displacement
increments due to the residual force application. The residual forces are represented
by the right side of equation (6.18).

Iterations within a time step can cause artificial unloading if the load incre-
ments are summed for each iteration of displacement increments. Instead, updating
the step displacement increment from the previous step will keep track of the load
increment properly. If a beam fiber has yielded, then displacement increments im-
posed by the frame will cause the fiber to continue along the yield plateau with
increasing displacement (figure 6.1(a)). If the next iteration of the frame equations
imposes a negative displacement on the fiber, the load will follow an elastic un-
loading path. If the updated version of the displacement increment is used, i.e.,
the cumulative increment, the load will remain on the yield plateau, merely further
to the left (figure 6.1(b)). Thus, the program updates the stiffnesses and forces of
members and frames using the cumulative displacement increment and the updated
total displacement, avoiding artificial unloading. The total displacement is used to
determine P-A effects, among other things.

Tolerances are set for forces and moments at member ends, frame nodes and
master nodes to confirm convergence. Once the residual forces at all of the degrees
of freedom satisfy the individual tolerances, the time step has converged and the
program moves on to the next step. A maximum number of iterations within a
time step is set in case the load application is causing divergence. This happens
under severe deformations incipient to structural collapse. If the tolerances are set
too low, a precise solution requiring many iterations can be achieved. This will
take a longer time to execute, and the precision achieved may be outweighed by the
accuracy limitations imposed by the numerical integration scheme.

The solution technique is robust and very efficient. Failure to achieve conver-
gence in a time step rarely occurs except under very large lateral displacements of

the frames involving severe member deformations.
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Figure 6.1 (a) Iterations during a time step. (b) Updating at the last iteration.

6.4 Static Solution

The solution technique just described will now be examined in detail. In section 4.6,
the tangent stiffness matrix, Ky, is fully assembled in equation (4.45). The stiffness
force vector, p, is also assembled in equation (4.46). The time-stepping equation of
the previous section can be trimmed down for static analysis. Removing any inertial

or damping terms, equation (6.17) becomes
(6.19) KEAXM = £t + At) — pF(t + At),

where the stiffness and stiffness forces are as described above.

This equation can be used to solve for the static loading where mass and damping
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have no effect. The loads that can be applied include horizontal loading at the
master nodes and both horizontal and vertical loading at the individual frame nodes.
If large forces are being applied which might result in nonlinearities more severe than
P-A effects, the static load may be broken up into increments. The load vector can

be represented as

(6.20) £(t -+ At) = s(t + At)f,

where fg is the static load vector, s(¢ + At) are the load factors, and the variable ¢
represents load steps where a step is denoted by Af. Typically, the load factors are
ramped from zero to one.

The stiffnesses used in static analysis are

K; for k=0

(6.21) K
K, for k>0.

This means the tangent stiffness is assembled assuming elastic material properties
in the first iteration of each load step.

Once the increment of displacement Ax*+1(¢ 4- At) has been solved,! the total
displacement is updated. Assuming the displacement from the previous step has

converged, the estimate of the total displacement for iteration k& + 1 is
(6.22) xF(t 4+ At) = xF(t + At) + AxFTL(E + At).

The updated incremental displacement for this load step is

(6.23) Ax(t + At) = x*H(t + At) — x(¢),

where x(t) is the converged solution from the previous step after n iterations, x™(t).

The updated incremental displacements of the building analysis are then used

!The first iterative displacement increment of static analysis can be on the order of the total
displacement if the total load is being applied.
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to update the interior nodes of the members for each iteration of each global load
step. Following similar iterative procedures for the global building unknowns, the
member interior dofs are solved by equation (3.30) for the loading produced by the
end displacements imposed by the frame. The solution of the interior displacements
will produce a set of forces at the frame dofs, p¥*1(¢+ At), which are updated for all
beams, columns, braces, panel zones, foundations and shear building contributions.
Each stiffness matrix used is updated for any nonlinearities involving displacement.
Once the frame forces have been updated for all the elements of the building, the
right hand side of equation (6.19) is updated for these new forces by

(6.24) r* (¢ 4+ At) = s(t + At)fg — pPTI(E + Ab).

These updated forces are the residual forces, r*+1(¢ + At), which are the static
loads applied at this load step, s(¢ + At)fg, minus the forces calculated in the
displaced geometry, p*t1(t + At). If the problem is completely linearly elastic,
the forces calculated will be identical to the forces applied, other than differences
from numerical error. Since the problem is not linearly elastic, iterations must be
performed until the residual forces are all reduced to an acceptable tolerance. The

necessary condition can be expressed as

(6.25) }na.x ! (t + At) < tolforce and max ! (t + At) < tolmoment
orce

moment

Assuming the solution has not converged, the stiffness matrix for the building is
updated for changes to all the elemental stiffness matrices. Another displacement
increment is calculated from the application of the residual forces. The solution steps

(6.19-6.25) can be repeated until convergence is achieved. This can be summarized



130

for iteration k of load step (t + At) by the following steps:

(6.26)  Solve KEAXFH(t + At) = rh(t + At)
(6.26a) Update total disp. xFHL(t 4+ At) = xF(t + At) + AxFL(E + Ab)
(6.26b) Update incr. disp. Ax(t + At) = xFTL(t + At) — x(2)
(6.27)  Update forces, Pt + At)
(6.26c) Update loads rf Lt 4+ At) = s(t + At)fg — pFH(t + At)
(6.26d) Check force tolerances %rac); " (¢ + At) < tol Force
(6.26e) Check moment tolerances _max, r* (¢ + At) < tolmoment

If the tolerances are not met, update the building stiffness KI;JH and repeat steps
(6.26-6.26¢). Once convergence is achieved in a load step, repeat the procedure
for the following load step, f(t + 2At). The first iteration of each load step is the
application of a load and subsequent iterations are solved for the residual forces due
to the nonlinear nature of the problem.

The steps in equations (6.26—6.26¢) can be seen in figure 6.2. Subscripts (5 — 1)
and j are used to represent times ¢ and (f + At), respectively. The notation in the

figure can be explained by the following analogies:

p*(t + At) => pt
AxF(t 4+ At) = Ax?
x(t + At) = x;

s(t+ At)fg =1

r*(t + At) = f; — p¥

6.5 Dynamic Solution

Once the static analysis is complete, dynamic analysis can be performed. The

program accepts one vertical and two orthogonal horizontal time histories of accel-
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Figure 6.2 Detailed steps of the Newton-Raphson method.

eration. The time step must be constant, but may be input by the user. The units
can be converted by an input factor if they do not match the other data provided.

At the start of the dynamic analysis, the mass and damping are assembled as
per sections 4.7 and 4.8. The mass remains constant throughout the analysis. The
damping matrix is also a linear operator, so the nonlinear story damping is taken into
account by updating the residual force vector. In this way, the mass and damping
matrices only have to be assembled once.

The initial stiffness matrix is evaluated using elastic material properties, but it
also considers the geometric effects of the final static displacements. The initial
load vector includes the full static loading plus the inertial forces due to the first

acceleration in the time history.



132

The equations developed in section 6.3 are used to perform the dynamic iterative
analysis. Only the major steps involved are summarized below since the method

can easily be ascertained from the static solution already presented.

e Determine f(t + At), which includes static loads plus dyhamic loads applied
at time step (t + At).

e Determine g(t), which consists of forces calculated from the converged solution

of time step t.

e Assemble right side of equation (6.18) using f(¢ + At) and g(¢). If & > 0,
assemble d*t1(¢ + At) and p*(t + At).

e If k > 0, check tolerances (right-hand side residual force levels). If met, apply

the following load step. If not met, continue with current iteration.

o Determine K!}, which is updated each iteration for the tangent stiffness con-

tribution K.
e Solve equation (6.18) for the displacement increment Ax*+1.
e Update the total displacement, x*+1(¢ + At) = x*(t + At) + AxF+1,

e Update the total increment for time step (¢t + At), Ax(t + At) = x*+1(t +
At) — x(t).

e Apply new displacements to member ends and iteratively solve for internal

displacements and member end forces.

e Determine the frame forces p**1(t + At) based on the member forces, the
displacements from iteration k, x*+1(t + At), and the updated incremental

displacements, Ax(t + At).

6.6 Other Newton-Raphson Iterative Schemes

Typically, the Newton-Raphson iterative equation for nonlinear problems is solved

using Gaussian elimination on the banded tangent stiffness matrix. It has quadratic
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convergence under certain conditions, but requires factoring the stiffness matrix in
each iteration. The Modified Newton-Raphson (MNR) method was developed to
achieve a faster solution. Instead of reevaluating the stiffness matrix each iteration,
the elastic stiffness matrix is used throughout the analysis or the tangent stiffness
is evaluated only at the beginning of each time step. Factoring of the matrix is
performed at the beginning of a time step. All iterations within the time step use
this same stiffness, so the computational effort is greatly reduced from the Newton-
Raphson method. Convergence will take more steps for a softening system (figure
6.3), but the savings in computational effort per iteration is sufficient to warrant
the additional iterations in most cases. However, sometimes the MNR method may
exhibit slow convergence, require small time steps for convergence, or not converge
at all. The NR method has better convergence properties and apparently would be
able to use larger time steps. The latter is not really a benefit since a small time
step is usually selected to limit discretization errors associated with path-dependent
problems and time integration. Additionally, the time step of recorded ground
motions is typically 0.005-0.02 sec.

The MNR method has more trouble converging for stiffening systems (figure
6.4), but can be advantageous over the NR method for the stiffening associated
with unloading after yielding (figure 6.5). The numbering in this figure follows the
iterations in the following order 0-1’-1-2’-2-1’-1-2’-2, etc., without convergence for
the NR method.

The improved modified Newton-Raphson (IMNR) method is used in this pro-
gram. In the first iteration of each step the tangent stiffness matrix is computed
using elastic material properties. Additional steps use tangent material properties.
If the residual forces grow in an iteration, the following two iterations again use the
elastic properties to recover convergence. Thus, the IMNR method will converge like
the NR method for well-behaved problems. For extreme nonlinearities that the NR
method has trouble with, the IMNR method will converge like the MNR method.
Thus, the IMNR will converge for a broader range of problems than either the NR
or the MNR methods will. See figure 6.6 for convergence of the IMNR method in
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Newton—-Raphson Method

Modified Newton—Raphson Method

Figure 6.3 Convergence for a softening system.

all cases described. The numbering is shown for the stiffening system for clarity.
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Newton—Raphson Method

Modified Newton—Raphson Method

Figure 6.4 Convergence or nonconvergence for a stiffening system.
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Figure 6.5 Convergence or nonconvergence for unloading.
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Figure 6.6 Convergence for the improved modified Newton-Raphson method.
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6.7 Displacement Control Solution

In addition to time history analysis, a pushover analysis is often called for. Static
lateral loads are applied to a structure in proportional increments until failure is
achieved. If this type of analysis were performed using the static analysis solution of
section 6.4, the loading would be monotonically increasing. For a ductile structure,
there will typically be an ultimate load, followed by load relaxation. Once the
ultimate load is reached, the following step will not converge since the structure is
incapable of carrying that large a load. Hence, no information about the behavior of
the structure on the descending branch of the load-deflection curve will be obtained.

Instead of a load based input, static pushover analysis can be run using a dis-
placement control (DC) method of solution which allows unloading to occur. Basi-
cally, a load increment is applied to the structure and the displacements are calcu-
lated. If they do not match the control displacements, a scaled fraction of the load
increment is applied iteratively to obtain the desired displacements. The method
is complicated by trying to control (and hence, constrain) too many displacements,
but works well for pushover analysis where only a single displacement needs to be
controlled. The horizontal displacement at the roof of a structure is the standard
parameter used for reporting the results of a pushover analysis, so it is an obvious
choice for the sole control displacement.

The displacement control method is described in detail in Yang and Kuo (1994).
The method finds the fraction of a predetermined lateral load, f;, corresponding to
a specified displacement history of a particular degree of freedom. While this is a
static analysis, the displacement history steps will be denoted by At to facilitate
comparisons to other techniques. The history is displacement increments for each

step, so the history for dof ¢ will be denoted by
(6.28) Az, (At), Az, (24At),- -+, Az (t), Az, (t + At).

Consider the solution for step ¢+ At with a converged solution for step t. At ¢+ A¢t,
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the relationship between nonlinear restoring forces p(t + At) and applied load is
(6.29) p(t+ At) = g + A(t + At)f;,

where fg is the static gravity loading applied before the displacement history and
A(t+ At) is the unknown factor of the predetermined lateral forces, f;, to be applied
at this step. Since this is a nonlinear problem, the restoring forces and load factor

need to be linearized as follows:

(6.30) p(t+ At) = KrAx + p(t)

(6.31) At + At) = A() + A

Rewriting equation (6.29) for an iterative solution, the first iteration in step ¢ + At

is

6.32 K3 Ax! = (X0t + At) + AXNDF, + 5 — pO(t + At
T L S

(6.33) where K7 = [Kp(x(1))]
(6.34) X0(t + At) = A(t)

(6.35) and p°(t + At) = p(¢).

Solve equation (6.32) for Ax! and AA! such that the control displacement is satis-
fied:

(6.36) zy(t + At) — z4(t) = Azy(t + At).
The displacements and load factor are updated as follows:

(6.37) x!(t + At) = x(t) + Ax?

(6.38) AL+ At) = A(t) + AN

The stiffness matrix K% and restoring forces p!(t + At) are updated using these
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updated displacements.

For the second iteration, solve
(6.39) KFAx? = (AN (t+ At) + AN, + 5 — pl(t + At)
for Ax? and AX? such that the control displacement is satisfied:
(6.40) z2(t + At) — zy(t + At) = 0.

Note that the right-hand side of equation (6.40) is zero. In the first iteration,
the control displacement increment at dof g is satisfied by equation (6.36) and the
corresponding factor AX! so that in future iterations the current displacement at
the control dof should not change. This can be thought of as imposing the control
displacement in the first iteration and iterating to reduce the residual forces until
they are smaller than a specified tolerance as shown in figure 6.7. The solution
keeps returning to the control displacement similar to the way in which the Newton-
Raphson (NR) method (section 6.2) keeps returning to the applied load. The DC
method can thus work past an ultimate load by reducing the applied load, allowing
investigation of behavior in this region that the NR method cannot achieve.

The procedure for determining the load factor will now be discussed. Let the

control displacement be represented as a function of iteration step k as follows:

Az,(t+At) ifk=1,
(6.41) Azh(t+ At) =

0, ifk > 2.

The equilibrium equations (6.32) for a general iteration step k are

(6.42) KETLAxE = OF1(t + At) + ANOYE, + £5 — p* 1t + Ab).
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Figure 6.7 Displacement control iterative method.

Separating these equations to solve for two separate loadings gives

(6.43) Ki 1Azl =f,

(6.44) KETARE = (1t + Ab))fL + £5 — P71 (E 4 Ae).

The right-hand side of equation (6.44) consists of all loads applied through all prior
steps and iterations within the current step minus the restoring forces calculated at
the previous iteration. This is simply the residual stresses from the previous step,

r*=1(t + At), so the equation is rewritten as

(6.45) KETARE = v 1(t 4 Ab).



142

Note that the solution to the original equation (6.42) can be obtained from the

solutions of equations (6.43) and (6.45) by the following relationship:

(6.46) AxF = ANFARF + AxE.

Specifically, the displacement increments at the control dof g can be written
(6.47) Azl = AXFAzE + AzE.

This defines the factor ANF

Azk — Azk
. A k — q q
(6.48) X Y

Now, equations (6.43) and (6.45) for the first iteration become

(6.49) K}AR =]

(6.50) K}AX! = rO(t + At).

For simpler implemeﬁtation of the DC method, it will be assumed that the residual
force r°(t + At) = 0, which means that the previous step converged exactly. This
is a fair assumption for small tolerances. Under this assumption, the displacement
increment Ax! = 0 and thus at dof ¢ the displacement increment Aié is also zero.
The solution of equation (6.49) provides a displacement A:i:é which is scaled to the
control displacement Awé by equation (6.48) for iteration k =1 as

(6.51) AN = A%

=1
Amq

For iterations & > 2, the control displacement Am{; is zero, so equation (6.48)

becomes
AZF
. ANe = "9,
(6.52) A Ak

q
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The displacement control method can be summarized in the following steps. In the
first iteration of a control step:

e Apply specified load f; and solve for Ax!.

e Calculate AX! and adjust incremental and total displacements.

In the following iterations:

e Determine nodal forces and assemble in p*~1(¢t+ At). Determine r*~1(¢t+ At).

Solve equation (6.43) for specified load f;.

Solve equation (6.45) for residual forces r*~1(¢ + At).

Calculate AX* and adjust incremental and total displacements, Ax* and

xE(t + At).

Repeat until residual forces are less than tolerances.

Note that the incremental displacement for iterations k& > 2 will be equal to zero at
the control degree of freedom ¢q. Even though it is zero at this dof, the other dofs
may experience an increment. Similarly, the total displacement at the control dof
will remain the same throughout a step, but total displacements must be updated
at all the other dofs for the non-zero incremental changes.

To implement this approach for pushover analysis, the vertical gravity loading is
applied first. This is the load fg from equation (6.29). Once the solution is obtained
for the gravity loading, the displacement control increments may be imposed. The
load used for the first iteration of the first step is chosen to be proportional to the
UBC static lateral force load distribution. Any fraction of the load can be used for
f; since the factors AX will adjust the load level to match the control displacement
at the control degree of freedom.

The solution technique requires two solutions each iteration, but uses the same
stiffness matrix for both (equations 6.43 and 6.45). For the first solution, Gaussian
elimination with forward reduction and backward substitution is performed. For

the second solution, only backward substitution is required, reducing the processing
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time. In the IMNR method used in the program, elastic material properties are
used in the tangent stiffness matrix for the first iteration and subsequent iterations
use the tangent material properties to provide faster convergence. In the IMNR
method, the objective is to minimize the number of iterations required to reach the
displacement associated with a fixed load level. In the DC method, the objective
is to minimize the number of iterations required to reach the load level associated
with a fixed displacement. Because of the fixed displacements, the fraction of the
predetermined lateral load (e.g., f; = fy;5o or f; = 0.01f;5,) will be immaterial
since scaling will make the control steps the same independent of this value. The
tangent stiffness will require fewer iterations, but using the elastic stiffness will help
the solution converge when the displacements become large and localized instabilities

have occurred.
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Chapter 7

Analysis Preliminaries

Analysis of three buildings is performed in this work. T'wo of the buildings are actual
buildings that were damaged in the Northridge earthquake. The SAC Joint Venture
report included three investigations of a 17-story building (Paret and Sasaki (1995),
Filippou (1995), and Anderson and Filippou (1995)), and one investigation of a 13-
story building (Uang, Yu, Sadre, Bonowitz, and Youssef 1995). Further investigation
of the 17-story building was performed at Cornell University (Chi (1996) and Chi,
El-Tawil, Deierlein, and Abel (1996)). Two other articles have been written on the
13-story building in EERI Earthquake Spectra (Uang, Yu, Sadre, Bonowitz, Youssef,
and Vinkler (1997) and Maison and Kasai (1997)). A third 10-story building was
designed for the 1994 UBC to investigate three-dimensional effects of a realistic
irregular building.

All three buildings investigated provide lateral resistance with steel moment
resisting frames. The 13-story and 17-story buildings both suffered damage due
to the Northridge Earthquake. They exhibited cracking at the girder-to-column
connections while the members themselves remained essentially elastic. The inelastic
behavior of these connections has been investigated with two-dimensional analysis
packages in the works mentioned above, but there has been little investigation of the
three-dimensional inelastic behavior of these structures. The formulation described
in the previous chapters is used to determine if this type of damage can be accurately

modeled. The importance of this for existing buildings is tremendous. The effect
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of various retrofitting schemes could be accurately measured. If damage can be
modeled closely, then scenarios for larger earthquake excitations can be predicted
with more confidence. Since larger ground motions will cause greater nonlinearities,
the results of such simulations should not be relied on with too much confidence.

The 17-story building had an accelerometer record the motions experienced at
the penthouse floor level during the Northridge Earthquake. No record was made
at the basement level. The 13-story building had accelerometers record motions at
the basement, sixth and twelfth floors. Most of the connections in both buildings
were inspected to determine the extent of damage.

The connection damage reports and time histories of floor motions provide in-
formation that is used to match the response with a computer model. Additional
assumptions are required to produce models that can reasonably approximate the
measured responses. The assumptions for shear building stiffness and foundation-
soil springs were the same for each building. Cracking properties were adjusted
to match damage levels and nonlinear story damping was adjusted to match roof

displacement records.

7.1 Modeling Assumptions

Several assumptions used in modeling the three buildings are the same for all the
buildings. Other assumptions unique to each building will be discussed in the indi-

vidual building results chapters.

7.1.1 Material Properties

The buildings in this study used two types of steel, ASTM A36 carbon steel and
ASTM A572 Grade 50 high-strength low-alloy steel. These materials have changed
over the years, and mill reports show that actual strengths frequently exceed the
nominal values. For the 17-story and 13-story buildings, the values suggested by
Anderson and Filippou (1995) are used. These strengths are quite similar to those

used by Chi (1996). The ultimate strength was set to 1.2 times these yield strengths.
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ASTM A36 | ASTM A572 Gr 50

Nominal yield Fy, (ksi) 36 50
Nominal tensile F,, (ksi) 58 65
Anderson and Filippou, F, (ksi) 47 57
Anderson and Filippou, F, (ksi) 56.4 68.4
SAC 1997b, Group 2, F, (ksi) 58 —
SAC 1997b, Group 2, F, (ksi) 65 e
SAC 1997b, Group 4, Fy, (ksi) — 57
SAC 1997b, Group 4, F, (ksi) - 65

Table 7.1 Steel material properties.

For the 10-story building, the nominal values are used as a check on the design.
The 10-story building was designed to meet the 1994 UBC strong-column weak-
beam criterion. By using the nominal design values for strength, the results of
time history analyses will show whether this criterion holds up to stronger ground
motions. If average strength values from the SAC Interim Guidelines (SAC 1997b)
were used for the member size groups represented in the building, the columns would
definitely yield before the beams. See table 7.1 for a summary of strength values.
See the individual building chapters for the strength values used. The SAC (1997b)
values are not used.

The concrete strength f/ is known for the existing buildings, and those nominal
values are used (f. = 4000 ksi for every building). The concrete is assumed to fail
in tension at a rupture strength f, = 0.05f,. The 13-story building does not have
concrete included because it is assumed that it does not behave compositely with

the steel beams.

7.1.2 Mass and Gravity Loading

Other investigators provided enough data to produce massing and gravity load-
ing for the two existing buildings. Assumed values of massing were used to model
the 10-story building. A small portion of live load was included in the mass for the

17-story building since other investigations included it. No live load was included
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Building 17-Story 13-Story 10-Story
psf Floor psf | Floor | psf | Floor
Dead Load 1 || 87 | 1-4,PH,RF | 82.5 | PL-12 | 85 | 1-10
Dead Load 2 || 82 5-17 625 | RF | 65 | RF

Self Weight | — — — | — Joe7|ALL

Live Load || 8 ALL — | — |10 110
LL as mass | 8 ALL — | — J10] 1-10
Curtain Wall || 15 ALL 20 | ALL | 20 | ALL

Table 7.2 Gravity loading for the three buildings investigated.

as mass for the 13-story building to compare with other investigations. Live load
was included as mass for the 10-story building. The same mass was used for the
horizontal and vertical degrees of freedom. Assumed loading properties are shown

in table 7.2.

7.1.3 Fiber Cracking Models

Several models for connection fracture are used in this work. As mentioned in
section 2.5, ten discrete levels of fracture strain form a set from which a fiber group
can have a value randomly selected. The fracture strain values are designated as

multiples of the yield strain, ¢;,. The models are as follows:
e Randomly sampled distribution based on Hall (1998).

¢ Randomly sampled normal distribution discretization based on Maison and

Kasai (1997).
e Uniform (all ten strains the same in a set), representative of poor performance.
o Uniform, representative of better performance.

Note that all of these models are deterministic even though two of them are based
on random sampling of probabilistic distributions.
The Hall random values of strain are used for the 17-story building. They were

used previously in Hall and Carlson (1998) and are intended to represent conditions
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in U.S. buildings built before the post-Northridge era of improved connections. Some
correlation of the assumed fracture criteria to the Northridge earthquake experience
is presented in Hall (1998). This distribution also includes fracture strains that are
used at column bases and splices. The normal distribution random values are used
for the 13-story building. The distribution is based on the Maison and Kasai (1997)
investigation of the same building. The uniform values of poor performance were
chosen to match levels of failure observed in the damaged buildings. These values

are a best fit of the data achieved through iterative analyses of trial fracture strains.

Beam Plastic Rotations from Test Results
6 1 T 1 1 1 1

5 Pre~Northridge
Upgraded or New

E-N
T
1

Rotation, % radians
W
T
|
1

N

0 5 10 15 20 25 30
Connection Test Number

Figure 7.1 Connection test plastic rotations achieved.

The uniform values of better performance are based on an assumed plastic rota-
tion of the girders of 0.02 radians. Designers and academics have both assumed that
the members should be able to sustain a plastic rotation of 0.03 radians without
fracture. This corresponds to overall high building ductility and performance. This

level of ductility was the basis for code provisions allowing the greatest reduction
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in design forces for steel moment frame buildings (forces divided by R,, = 12 in the
1994 UBC). Recent tests have shown that this level of ductility is not achieved with
current typical specifications. In light of the low strain levels at failure of existing
buildings and many experiments performed after the Northridge Earthquake (SAC
1997a), choosing 0.02 radians as an ultimate rotation before fracture would over-
estimate the fracture strength of typical “better” pre-Northridge connections. The
results of 30 tests on steel moment frame connections are presented in figure 7.1.
These tests are from SAC (1997a). All but one pre-Northridge connection failed
well below the 0.02 radian level. The one that achieves greater than 0.02 radians of
plastic rotation is a repaired connection. Some of the connections that do not reach
the 0.02 radian level are also repaired connections.

The strain level of the flange fibers at a plastic rotation of 0.02 radians was
determined by displacement-control time-history analyses of girder and column as-
semblies. A vertical load is placed at the free end of a girder with a length half
of the moment-frame bay length. Each column and girder size combination was
investigated for each building, but results were grouped for convenience. Girders
were grouped by nominal depth to set one strain level for each group. Loading
was performed both upward and downward to determine the difference in strain
for the bottom and top flanges, respectively. Composite slab action is assumed for
the 17-story building, but both top and bottom flanges use the higher strain levels
corresponding to the bottom flange in tension. This direction of load engages the
composite concrete in compression, so higher strain levels are achieved for the same
rotation. It was desired to have at least the same fracture limit for the top flanges
as for the bottom flanges. The strains were chosen so that all the members in each
group met or exceeded the 0.02 radian plastic rotation limit. The plastic rotation
was assumed to occur over the first two segments of the member. This corresponds
t0 0.18L (or 9.0% of a moment frame bay), where L is the length of the girder from
the face of the column to the vertical load. The strain level in the fibers of these

segments was recorded when the limiting plastic rotation was reached.
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10% each H €f l €f I €f | €f [ €f l €f ‘ €f ' €5 ‘ €f ! €f
Uniform distribution, poor performance
Top 10. | 10. | 10. | 10. | 10. | 10. | 10. | 10. | 10. | 10.
Bottom 09 109|109 09 09 |09,;09) 09|09 09
Hall distribution
Column 10. | 10. | 10. | 20. | 20. | 20. | 40. | 40. | 80. | 80.
Top 10. | 10. | 10. | 20. | 20. | 20. | 40. | 40. | 80. | 80.
Bottom 09 [ 09 | 20 | 2.0 | 5.0 | 5.0 | 15. | 15. | 40. | 40.
13-Story, Maison distribution
Top A 0.7 | 39 | 64 | 84 (101|119 | 13.6 |'15.6 | 18.1 | 22.3
Bottom A || 0.7 | 0.7 | 0.7 | 0.7 | 0.7 | 0.7 | 20 | 3.4 | 53 | 83
Top B 46 | 83 | 10,5 | 12.3 | 13.8 | 154 | 16.9 | 18.7 | 20.9 | 24.6
Bottom B | 0.7 | 0.7 | 1.6 | 3.1 | 44 | 56 | 69 | 84 | 10.2 | 13.2
Top C 46 | 83 | 105|123 | 13.8 | 154 | 16.9 | 18.7 | 20.9 | 24.6
Bottom C || 0.7 | 1.7 | 34 | 47 | 59 | 71 | 83 | 9.6 | 11.3 | 141
17-Story, 0.02 plastic rotation
Top 30. | 30. | 30. | 30. . 30. | 30. | 30. | 30. | 30. | 30.
Bottom 30. | 30. | 30. | 30. | 30. | 30. | 30. | 30. | 30. | 30.
13-Story, 0.02 plastic rotation
A 22.2 | 22.2 | 22.2 | 22.2 | 22.2 | 22.2 | 22.2 | 22.2 | 22.2 | 22.2
B 21.6 | 21.6 | 21.6 | 21.6 | 21.6 | 21.6 | 21.6 | 21.6 | 21.6 | 21.6

Table 7.3 Fracture strain probabilistic sets. Data for beams unless noted. Top and bottom
refer to flange.
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The same procedure outlined above was used to determine strain levels corre-
sponding to the plastic rotation capacities from Maison and Kasai (1997).
Table 7.3 shows all the fracture strain distributions used in this work. The

groups A, B, and C are explained in chapter 9.

7.1.4 Panel Zone Properties

Panel zone thickness is determined empirically from code values. The criterion
used in this work to determine the panel zone thickness requires the panel zone
strength (i.e., the yield moment) to be at least 0.8 times the plastic capacity of the
connecting beams. The thickness is either the web thickness of the column t{, or

the web thickness plus an additional doubler plate thickness calculated to satisfy
(7.1) MFP? = 7 d°d’t > 0.8y M}
where the sum of the plastic moments of the beams framing into the column is used.

7.1.5 Foundation Properties

The foundation stiffness and yield force are determined from an arbitrary empirical
formulation. The stiffness for vertical deformation is based on the largest column
gravity load in a building producing 2.54 cm (1 inch) of displacement. The yield
force at which the stiffness reduces to 15% of the original stiffness is the larger of
twice the largest column gravity load or half of the column load capacity. For up-
ward displacements, the yield force and displacement are half the downward values.

Horizontal properties are identical to downward properties.

7.1.6 Shear Building Stiffness

Real buildings have contributions to the lateral resistance from many sources that
are not typically modeled in the design of the lateral force resisting system. Partition
walls, masonry walls, rigid fagade panels, stairwells and the stairs themselves can

provide resistance to lateral motion of a building. Where simple framing is present



153

in the gravity system, incidental restraint in the connections may cause these el-
ements to provide lateral restraint. ‘These contributions are called the incidental
contributions and they are modeled as story shear springs located throughout the
plan of a building. The shear springs are lumped together as the shear building
stiffness.

The stiffness determined from code-specified static earthquake analysis can be
used to approximate the actual story stiffnesses, and a small percentage of this
can be used for the shear building stiffness to be distributed to the shear springs
of the model. The yield force can also be estimated from a static analysis. For
example, one could choose values of story shears resulting from an analysis using
a base shear equal to 1% of the building weight. This value is lower than required
strengths of typical steel buildings. It is reasonable in that it assumes that the
incidental contributions of stiffness will be apparent for smaller displacements, but
will no longer provide resistance for larger displacements. Large displacements cause
bolts on curtain walls and simple framing to loosen, lessening the stifiness of these
incidental components, but still allowing some load to be carried. This combination
of lost stiffness and sustained strength is idealized as an elastic-perfectly plastic
shear spring.

For the buildings in this work, the shear building stiffness is determined from
the loading distribution resulting from the 1994 UBC static lateral analysis. For
example, assume the design base shear is V' = 0.030W, where W is the total weight
of the structure. The base shear is applied in a code-specified distribution through
the height of the building. The minimum stiffness in any story will require that the
given loading not cause that story to exceed 0.0025H; drift, where H; is the height
of story 5. The minimum UBC story stiffness is thus

F;

(7.2) Kuno.i = 55025,

where Fj is the cumulative load applied above the story level. The amount of

additional stiffness due to incidental contributions can thus be applied as a fraction
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of the UBC minimum story stiffnesses. In this work, a shear building stiffness
of 0.10Kypc is used. This seems like a reasonable level, and it also makes the
models match measured building periods better. The shear building strength FCSH
is limited to 1.0% of the story shears resulting from a code-specified distribution of

load applied with a total base shear equal to the building weight, or V/W = 1.

7.1.7 Damping

In section 4.8 the use of non-classical nonlinear damping was mentioned. Nonlinear
inter-story damping is assembled through the use of story dampers. The damping
strength, FC]'? , and the cutoff velocity, vg, are chosen to give a reasonable elastic
damping in the lowest mode of the building. Figure 4.11 is repeated here to show

these values. In each story, the damping strength is chosen to be equivalent to

\F
Fc"'

4 —Fg

Figure 7.2 Nonlinear inter-story damping force.

the shear spring strength FgH defined above. This model makes sense physically,
since the damping force provided by non-structural elements will level off as those

elements get damaged. To make the inter-story damping proportional to the shear
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building stiffness, two coefficients a2 and a3 are chosen so that

(7.3) ag =vg
FD

(7.4) and a3 = %
FC

Since FZ = FgH , ag = 1.0 for each story. The velocity required to achieve a desired
level of damping in the first mode can be determined experimentally by applying
a small impulse to the building and determining the damping from the observed
decay in roof response. This will be the damping for low levels of excitation. For
higher levels of excitation, the damping forces will level off when inter-story velocities
exceed the cutoff velocity. The impulse loading is thus used to determine the factor
as = vg in an iterative manner.

A half-period step impulse of low excitation is applied to the models. The decay
in response at the roof is determined. The excitation is low enough to ensure elastic
response. For stiffness-proportional damping, the damping in the first mode can be

expressed as

(7.5) (=2

where a; is the coefficient defined in section 4.8 for which C = a; K.

For shear building stiffness-proportional damping, C = (a3z/az)FS¥ must be
satisfied for the unknown as and as = 1. Recalling the values of these parameters,
this becomes Cvg = Fg, which is true by definition. While the damping is actually
proportional to the strength of the shear building, the yield shear and damping
strengths are equivalent, so the damping “stiffness” is proportional to the shear
building stiffness.

The rate of decay of the impulse loading determines the level of damping. For a
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single degree of freedom system, the equation of motion without forcing is

(7.6) mi + c& + kz = 0

(7.7) or &+ 2(wnd +wizr =0
where 2w, = ¢/m and w2 = k/m. The response can be determined from
(7.8) x(t) = Ae=S“nt sin(wgt + @)

where wyg = wp4/1 — (2. The response at peak n occurs at time ¢. The response at
the next peak n+ 1 occurs one damped period later, or at time ¢+ 27 /wy. The ratio
of displacements at these steps can be expressed as

Tn e Cwnt 2m

. _ _r2
(7.9) Tni1 | eConte—Cwn(en/wa) ~ © 1-¢Z

This can be rewritten as

In =27 ¢

Tn+1 1 -—Cz'

For small {, this can be solved for { as

(7.10) v In

11 ~ —1 .
(7.11) ¢ 27rnxn+1

When the response to an impulse is recorded, the first five or six peaks are deter-
mined, and an average damping value is determined using equation (7.11).
If the approximated value of ag is not correct, the next approximation can be

determined from the following relationship

(7 12) (desired —~ (a3 / a2)desired
Ccm"rent (a3 / az ) current
(713) or (a2)desi'red ~ (a2)cur'rent Ccu'rrent .
Cdes'ired

Equation (7.13) is used to approximate the value of as that should be used to achieve
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the desired level of damping and another impulse loading is performed to confirm
the resulting damping.

The damping for elastic response in the first mode is easily determined from
the preceding approximations and trial impulses. Special consideration was made
for the 10-story building that has two almost equivalent first modal frequencies.
If the impulse is applied in a direction other than one of the principal directions,
both modes are excited and the observed decay in one mode is actually accelerated
by the other mode picking up energy from that mode. This can be seen in figure
7.3, which shows an impulse applied in the E-W direction of the 10-story building,
and a second impulse applied along the axis of symmetry. The impulse in the E-W
direction shows energy increasing at first in the N-S direction. Energy is transferred
into both of the two lowest modes and decays in both modes. The impulse along
the axis of symmetry decays without energy transferring to another mode. The
damping for this building was calculated using the axis of symmetry impulse (figure
7.4).

Once the damping matrix is determined, the damping for higher modes or non-
linear levels of response can be assessed. In classical damping, the damping matrix
can be diagonalized by the same modal matrix transformation used to diagonalize
the mass and stiffness matrices. Classical damping allows the equations of motion
to be separated into modal equations. If the damping matrix is not constructed
from a Caughey series, or nonlinear response is being modeled, then the damping
should be considered non-classical (Chopra 1995). The damping used in this work
is considered non-classical because it is not proportional to stiffness and mass as
in a Caughey series and also because it is nonlinear. While the damping is pro-
portional to the shear building stiffness, this stiffness in turn is not proportional to
the global stiffness. Additionally, the stiffness will change for nonlinear response,
so the damping will change. There will be off-diagonal terms that cause interaction
between modes during damped response, similar to the coupling mentioned above
for multiple equal modes in elastic response. This effect exists even for the first

mode, but the impulses used produce energy predominantly in the first mode. Since
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Figure 7.3 Effect of impulse direction.
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Figure 7.4 10-story impulse damped response.
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stiffness proportional damping increases with frequency, any energy that leaks to
higher modes from the first mode is quickly damped out.

The coupling of modes in a damped non-classical system makes it difficult to
quantify the level of damping in each mode as a function of excitation level. Free
vibrations initiated in one mode may end up in a lower mode even as the vibrations
of the original mode are damped out. If instead the system is forced with a forcing
function set to a specific modal frequency and shape, the level of damping for that
mode can be estimated by determining the amplitude of the steady state response.

Consider a single degree of freedom system as an analogy:
(7.14) mz + ct + kxz = p, sinwt.

The steady state response is

_ Po (1 — (w/wy)?) sinwt — 2¢w/wy, cos wt
(7.15) rp = k (1 — (w/wn)2)2 + (2<w/wn)2

which can be simplified for the case desired where w = w,, as

Do 1
7.16 Tp = —— — coswyt = —ap coswnt.
( ) P L 2 C n P n
The value p,/k is just the static displacement, ag. Looking at the amplitude of
response at steady state, ap, and making the static displacement substitution, the
damping ratio can be determined from

as
.17 = —.
(7.7 e

While this is only true for the single degree of freedom system, the damping esti-
mated for multiple dof systems using this approach is accurate because the energy
is forced into the desired mode. With free response from a displaced shape equal
to one mode, the energy can leak to other modes as it is damped out of the desired
mode. While energy can leak from the forced mode, steady state response in that

mode was observed for the analyses performed, so the amount of energy leaked to
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other modes is small relative to the input energy in the desired mode.

A quantitative example of the nonlinear damping used in this work follows for
the 13-story building. Note that this is just an example to show the behavior of
the nonlinear damping. The shear building damping is estimated by approximating
the 13-story building as a thirteen-degree of freedom spring and nonlinear damping
system with 3% damping in the first mode for low levels of excitation. For this

system, the tangent damping matrix is approximated as

(7.18) C=aK+ 2KH
az

The overall target damping for the first mode is 3.0%, and the coefficient a; was
chosen so that there would be 0.5% damping due to classical, stiffness proportional
damping. Even for the most extreme nonlinear response, there will still be 0.5%
damping in the first mode due to this elastic damping contribution.

The nonlinear equation of motion for the 13 dofs were solved using the same
iterative scheme as formulated in the previous chapters. The forcing function is
accelerations applied to the masses at the frequencies and shapes of each of the
first five modes. The mode shapes are normalized so that the largest amplitude
at any story is 1.0. The largest magnitude of the input accelerations range from
0.02g to 0.50g. In this way, the damping as a function of both frequency and
amplitude can be approximated. The results are compared to Rayleigh damping,
where coefficients were chosen to achieve 3.0% damping in both the first and second
modes. The results are shown in figure 7.5 for acceleration amplitudes of 0.02g,
0.05g, 0.10g, 0.15g, 0.25g, and 0.50g, where g is gravitational acceleration. The
lines are drawn solely to keep track of the damping across modes for constant levels
of excitation. The minimum nonlinear damping (Min NL Damping) will be the

0.05% linear stiffness-proportional damping that was included in the total damping.
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Damping for nonlinear model
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Figure 7.5 Nonlinear damping for several modes and excitation levels.

7.2 Comparison of Buildings

While all three buildings are steel moment resisting frames, various attributes differ
so that together they produce a range of steel buildings that are a representative
sample of a West-Coast city building stock. Several features of the buildings and the
computer models that represent them are presented in table 7.4. See the individual
building chapters for determination of code values for building periods.

One discrepancy between code values and analytical and measured response is
the period of the building. In Goel and Chopra (1997), the authors determined
appropriate bounds for building period as a function of height by analyzing the
vibration properties of 42 existing steel moment resisting frame buildings. The
bounds they came up with are plotted in figure 7.6. For comparison, the 1994 UBC
upper and lower bounds are plotted. The periods of the three buildings analyzed
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Building 17-Story 13-Story 10-Story
Design Properties
Height 260.3’ 188.5’ 154’
Plan Dimensions 155’x117 160°x160° 180’x180’
Design Code 1982 UBC 1973 UBC 1994 UBC
Ty e Code Approx 1.7 sec 1.30 sec 1.53 sec
Tusc Code Analysis 1261 SSZCC ((};\gf)) — 1.99 sec (1.3Ta)
V/W (UBC static) 0.0268W, 0.0304W 0.0307TW 0.0316W
V/W (ultimate) 0.097W, 0.090W 0.1325W 0.1997W
Drift Limit 0.0033 no limit 0.0025
Aroof (static) 1147, 11.4° 41.8” 3.0”
Average Drift 0.0036, 0.0036 0.0021 0.0016
W14x311- W14x176— W14x193-
Column Range
W14x730 W14x500 W14x550
Column Nominal F;, 50 ksi 36 ksi 50 ksi
) W30x90- W27x84— W24x76—
Girder Range
W36x300 W36x230 W36x280
Girder Nominal F 36 ksi 36 ksi 36 ksi

Weight of Frames

7.9 psf (2468F)

7.0 psf (2497%)

9.7 psf (2500%)

Model Properties

Column Assumed F},
Girder Assumed Fj,
NDOF
NHB
T (Lateral)

T (Lateral)

T3 (Torsion)
Damping (Mode 1)
K5 |Kypeo

57 ksi
47 ksi
995
63
4.88 sec
4.52 sec
2.90 sec
3.0%
10%

47 ksi
47 ksi
1330
102
2.90 sec
2.90 sec
2.03 sec
5.0%
10%

50 ksi
36 ksi
1485
142
2.16 sec
2.06 sec
1.52 sec
3.0%
10%

Table 7.4 Comparison of the three buildings investigated.
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are also plotted. Note that the 17-story building exceeds the newer limits by a
substantial margin. This building was built at a time when code specified base
shears were low and drift limits were high which could explain its lower stiffness and

higher period.

5 T T T T T

Goel and Chopra
4.5 -—- 1894 UBC 4
O Building

4_ -

3.5 -

3 - 1

2.5 _ - ~

Period, sec.
\
\
\

2_

1.5 - .

T
\
\

1 -

0.5

T
\
!

| i 1 1
0 50 100 150 200 250 300
Building height, ft.

Figure 7.6 Period calculations.

7.3 Earthquake Records

Ground motions from the Northridge earthquake representative of the two building
sites are used. Other ground motions are used to determine building performance
under more severe ground shaking. The ground motions used in this work are

described in detail in Appendix A.
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Chapter 8

17-Story Building

Many steel moment frame buildings exhibited brittle fracture in their beam-to-
column connections during the Northridge earthquake, including a 17-story building
in Woodland Hills. The lateral system of this building consists of two double-bay
moment frames in each direction, none of which are connected to each other. See
figure 8.1, and note that because of the voluminous nature of the output in the
following chapters, most of the tables and all of the figures are at the ends of each
chapter. The north frame is not on the perimeter of the building, creating an
unsymmetrical lateral system. This structure can be analyzed using the techniques
and finite elements developed in this work. Corner columns are not needed for this
building.

The investigated building was instrumented at its penthouse floor to record three
orthogonal motions. Unfortunately, instrumentation did not exist at the basement.
The building was fully inspected, providing data on all the beam-to-column connec-
tions that exhibited fracture.

This building has been investigated extensively with 2D and 3D elastic analysis
and 2D inelastic analysis (Paret and Sasaki 1995), (Filippou 1995), (Anderson and
Filippou 1995), (Chi 1996) and (Chi, El-Tawil, Deierlein, and Abel 1996). None of
these investigations included fracture and only the Chi investigations used limited
three-dimensional inelastic analysis.

The 17-story building is a good candidate for investigation because of the pre-
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ceding reasons. The following issues are examined:

e Ability of bare steel frame model to predict damage location through standard

code static analyses.
e Torsional response of unsymmetrical structure.
e Difference between 2D and 3D response.
e Ability of 3D nonlinear model to reproduce fracture pattern observed.
e Ability of 3D nonlinear model to reproduce measured roof response.
e Comparison of different models.

o Effect of larger ground motions.

8.1 Building Description

Geometry and Materials

The building has 17 stories plus a penthouse and one basement level. The plan
dimensions of the building are 47.24 m by 35.66 m (155 ft by 117 ft), and a typical
story height is 396 cm (156 in). The first story height is 620 cm (244 in). Frame
columns range in size from W14x311 to W14x730, and girders from W30x90 to
W36x300 (figures 8.2-8.3). The columns are A572 Grade 50 and the girders are A36
steel. The columns have a yield strength of 393 kN/mm? (57 ksi) and an ultimate
strength of 472 kN/mm? (68.4 ksi) and the beams have yield 324 kN/mm? (47 ksi)
and ultimate 389 kN/mm? (56.4 ksi). Smaller members are used for the gravity
system. The beams are all composite with metal deck and lightweight concrete on
top. See Paret and Sasaki (1995) or Chi (1996) for a complete description of the
building.

Mass

The seismic mass and center of gravity are calculated for each floor based on the

framing plans and assumed properties from Chi (1996). The weight of the building
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was estimated to be 133 MN (29960 k). The weight of the steel moment frames is
11.0 MN (2468 k).

Basement Stiffness

Concrete basement walls are assumed to exist in each direction, and the steel
columns extend to the base of the walls. The stiffness of the walls is modeled
by shear springs assuming the walls at the perimeter of the building are 30.48 cm
(12 in) thick. The lateral framing for the penthouse story is unknown in the north-
south direction, so story stiffness approximately 20% of the east-west direction frame
stiffness is used. The roof mass is lumped at the penthouse level to avoid problems

associated with this lack of framing information.

Story Stiffness

The gravity framing, partitions, and nonstructural walls are assumed to be capable
of some lateral resistance provided by shear springs. The total lateral force capacity
in each direction provided by the shear springs is set to 1% of the story shear forces
produced by the seismic design loads computed for V/W = 1. The sum of shear
spring stiffnesses in a story is set to 10% of the minimum UBC story stiffness (see

section 7.1.6). This corresponds to spring yielding at a story drift of H/120.

Foundation

The foundation has an elastic stiffness of 2.626 MN/cm (1500 k/in) horizontally and
vertically and a secondary stiffness of 0.394 MN/cm (225 k/in). Yield strengths are
26.9 MN (6000 k) horizontally and downward and 13.34 MN (3000 k) upward. See

section 7.1.5 for formulation of these values.

Damping

Inter-story damping is capped at a force level corresponding to 0.01W, reached at
an inter-story velocity of 20.32 cm/sec (8.0 in/sec). This corresponds to 2.5% of
critical damping in the linear range of the fundamental mode. The total damping
is 3.0%, with an additional 0.5% of critical damping provided by linear stiffness

proportional damping.
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Fracture Models

End segments of girders representing the welds to the columns are allowed to frac-
ture. The post-earthquake inspection of the building found fractures only at the
bottom-flange welds of the girders. Since the girders did not exhibit any local buck-
ling or other signs of plastification, a strain level below yield is reasonable for the
bottom flange. The top flange is most likely a better weld since continuous passes
can be made, and so a higher fracture strain there is justified. Three different frac-
ture models are used for this building. In the poor performance model, the bottom
fibers have a uniform fracture strain of 0.9¢, and the top fibers 10.0¢y. In the ran-
dom fracture level model (Hall), the fracture strain levels are randomly chosen from
the distribution shown in table 7.3. The lowest strain levels in this distribution are
0.9¢y and 10.0¢, for the bottom and top fibers, respectively. This model also allows
fractures at column bases and splices. A third model for fracture levels assumes that
the individual girders can achieve 0.02 radians of plastic rotation before failure. See

section 7.1.3 and table 7.3 for more on these distributions.

Modal properties
The model possesses natural periods of vibration of 4.88 seconds in the east-west
direction, 4.52 north-south, and 2.90 seconds in torsion. See figures 8.4-8.9 for

depictions of the first six natural modes.

8.2 Building Design

The lateral system was designed using the 1982 Uniform Building Code (ICBO
1982). Without any site-specific data, the design would be as follows. The param-

eters used for design are:
e Ductile Moment-Resisting Space Frame (MRF)
e W = DL (dead load only)

e I =1.0
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e Z =1

T = 0.1N, N = number of stories, T not substantiated and system is 100%
MRF

o T'=2m,/ %, to substantiate T. This version is used here.
o K =0.67

— 1
® C—WSO.12

Ts = 2.5 (If T properly established and greater than 2.5 sec)

§=12+06(F) — 0.3(£)* > 1.0 for T/Ts > 1.0

C5<0.14

V = ZIKCSW, base shear

F; =0.07TTV < 0.25V for T > 0.7 sec

F, = (—%%)%%’—Li, force at floor z
elby

Drift limit = 0.005 based on 1/K times the required loading (or drift limit =
0.0033 using required loading)

The resulting values are:
e T = 4.6 sec, E-W direction

e T =4.1 sec, N-S direction

S = 1.288, E-W direction

S =1.377, N-S direction

C = 0.0311, E-W direction

C = 0.0329, N-S direction

V = 0.0268W, E-W direction
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e V =0.0304W, N-S direction

Note that the equivalent static force V' in the E-W direction is less than the lower
limit of V = 0.03W for the 1994 UBC (ICBO 1994).

A model with rigid foundations and solely the lateral system steel columns and
girders providing resistance is used here for the design check. This is consistent with
standard practice. A static analysis using the UBC forces above produces penthouse
displacements of 29.0 cm (11.4 in) E-W and 29.0 cm (11.4 in) N-S. Considering that
the N-S stiffness is approximately 25% more than the E-W stiffness ((4.6/4.1)%), it
is apparent that the design used the different code minimum forces in each direction
to produce equal drifts.

The resulting demand capacity ratios (DCR’s) for the structure from the static -
analysis can be seen in figures 8.10 and 8.11 for the E-W and N-S directions, respec-
tively. The definition of DCR used here is member moment divided by the product
of member nominal design strength and section modulus (DCR = M/FySx). Thus,
it is the ratio of moment observed to yield moment. In these figures, the circle
diameter is proportional to the DCR and the circle is drawn offset from the member
end to distinguish multiple members framing into a joint. As a comparison, the
DCR ratios for the Oxnard time history are given using the actual values of mem-
ber material strengths and the inelastic model without fracture (figure 8.12). See

section 8.4 for an explanation of the inelastic model.

8.3 Pushover Analysis

Five different models were subjected to a pushover analysis using the 1982 UBC
static force distribution. A displacement control analysis (section 6.7) was performed
to establish the behavior beyond yielding. All analyses include P-A effects and
nonlinear material properties. Since all of the observed damage was in the N-S
direction, the pushover results for this direction only are shown in figure 8.13. A
base model that seems closest to a standard analysis model is included. The effect of

various changes to this model can be seen, including the final fully nonlinear inelastic
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model. The base model includes the bare frame (BF) and foundation (FN). The next
model includes the inter-story stiffness (SB). The next model includes composite
action of the girders (CM), and the final model includes the poor performance
fracture strains (FR). The base model has an ultimate strength of 0.090W at a
penthouse displacement of 147 cm (58 in) and the inelastic model without fracture
(BF+FN+SB+CM) has an ultimate strength of 0.100W at 145 cm (57 in). The fully
inelastic model including fracture has an ultimate strength of 0.058W at 63.5 cm
(25 in). Notice that the composite action has little effect on the total stiffness or
strength of the building.

8.4 Simulations

Several time-history analyses of various types are performed to seek answers to the
issues mentioned at the beginning of the chapter. In each instance, a time step of
0.02 seconds and a total duration of 40 seconds for each record are used. Two ground
motions which were recorded close to the building, Oxnard Blvd. #4 (Darragh, Cao,
Graizer, Shakal, and Huang 1994) and Canoga (USC 1994), are used to represent
the ground motion at the site. A third record, Sylmar County Hospital Parking
Lot (Darragh, Cao, Cramer, Huang, and Shakal 1994), is used to represent the
stronger ground motions of the Northridge earthquake. Additional records from
larger earthquakes are also used. Table 8.1 shows the analyses performed for each
ground motion, where the symbol e represents one analysis. More information on
the ground motions appears in Appendix A.

The analysis types include two-dimensional analysis, elastic analysis, inelastic
analysis witout fracture, and inelastic analysis with connection fracture. The two-
dimensional analysis includes the entire structure, but motion is constrained to the
north-south (N-S) direction, which is the direction with all of the observed damage.
For the elastic analysis, yield strengths for steel, concrete and damping were set to
large values not reached in the analyses. All of the analyses include the foundation

elements, composite action, P-A effects, and the shear building.
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Poor 2D Poor
Ground Performance | Performance | Random | 0.020p4s4c | Inelastic | Elastic
Motion Fracture Fracture Fracture | Fracture
Oxnard oo o ° ° . °
Sylmar . . . . .
E.P. GO5 ° ° ° ° .
Tabas ° . o ° °
Takatori ° . o ° °
Canoga .
Rinaldi .
E.P. D05 °
E.P. J06 ®
Kobe JMA °
Kobe NGT .

Table 8.1 Time history analyses performed for 17-story building model.

8.4.1 Figure Descriptions

Time Histories

The relative-to-ground penthouse displacement response is tracked for the duration

of the analyses, 40 seconds.

The response at the center of mass (master node

location) and at two corner locations is calculated so that torsional effects can be

observed (figure 8.14). Note that the same scale is used wherever possible to compare

the response levels for the different ground motions.

e See figures 8.15-8.25 for the relative penthouse histories of the poor perfor-

mance fracture model for all 11 ground motions.

e See figures 8.26-8.30 for the penthouse histories of the inelastic model.

To get a better understanding of the global building behavior, relative histories

of every other floor are shown together for the N-S component of motion only. The

N-S direction is the stronger ground motion in every case, so the N-S response alone

will suffice to present this behavior.
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e See figures 8.31-8.35 for the building histories of the poor performance fracture

model.
o See figures 8.36-8.40 for the building histories of the inelastic model.

The Oxnard and Canoga ground motions were both recorded close to the 17-
story building. The measured penthouse response is compared to the calculated
resf)onse for the poor performance fracture model, which most closely represents
the actual behavior of the building. The Oxnard record was run a second time
with the E-W motion reversed since the E-W response seemed reversed. Compare
the initial pulse directions for velocity and displacement for the E-W component of
the Canoga and Oxmnard records in Appendix A figures A.1 and A.2. The Oxnard

motion seems reversed.

e See figure 8.41 for the comparison of absolute penthouse displacements result-

ing from the Oxnard motion and the measured response.

e See figure 8.42 for the comparison of absolute penthouse displacements re-
sulting from the Oxnard record with reversed E-W motion and the measured

response.

o See figure 8.43 for the comparison of absolute penthouse displacements result-

ing from the Canoga motion and the measured response.

The Oxnard motion is used for all three buildings studied in this work to inves-
tigate the differences in models used for each building. The difference in penthouse
response for the various fracture models is minimal, so only the poor performance

fracture model is presented.

e See figure 8.44 for the comparison of relative penthouse displacements resulting

from the Oxnard motion due to various models.

Inter-Story Drifts
The maximum drifts in the N-S direction for each story are used as a damage

indicator. Note that the same scale is used for all plots. Values that exceed these
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limits are plotted on the right-hand side of the figure. The analysis will stop if a
drift of 20% is reached, and the maximum drift prior to halting the analysis will be

reported. Drifts above this arbitrary limit are not reported.

e See figures 8.45-8.49 for the maximum story drifts for each record. Each
figure represents the response to a different model: poor performance fracture,
2D poor performance fracture, random fracture, fpigstic = 0.02 fracture, and

inelastic.

e See figure 8.50 for the maximum story drifts for each model resulting from the

Oxnard record.

Fractures

The member end fractures are plotted for each simulation that uses a fracture
model. Top and bottom girder-flange to column-flange connection fractures are
distinguished separately. For comparison, the actual fractures discovered after the

Northridge earthquake are also plotted.

e See figures 8.51-8.62 for the fractures resulting from the poor performance

fracture model for all 11 ground motions and the reversed Oxnard motion.

e See figures 8.63-8.67 for the fractures resulting from the 2D poor performance

fracture model.

o See figures 8.68-8.72 for the fractures resulting from the Hall random fracture

model.

o See figures 8.73-8.77 for the fractures resulting from the p45;. = 0.02 fracture

model.

Plastic Rotations

The member end plastic rotations are plotted for each simulation using an inelastic
model with no fracture. In these figures, the circle diameter is proportional to the
plastic rotation and the circle is drawn offset from the member end to distinguish

multiple members framing into a joint.
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o See figures 8.78-8.82 for the plastic rotations resulting from the inelastic

model.

8.4.2 Table Descriptions

Damage Indicators for Model Type

Several indicators of damage include the maximum drift, the penthouse relative
displacement Ap, the base shear and the number of fractures. These have been
summarized for each model comparing across ground motions. The ratio of base
shear V' to building weight W is used in these tables. For the inelastic model, the
number of member end plastic rotations greater than 0.01 radians is used in place

of the number of fractures.

e See tables 8.2-8.6 for the damage indicators for each model.

Damage Indicators for Ground Motion
The same data is presented for each ground motion comparing across model type.
The Elysian Park G05 and Tabas records are not presented in this form since collapse

occurred for all fracture models.

e See tables 8.7-8.9 for the damage indicators for each ground motion.

8.5 Discussion

Static Analysis
The demand capacity ratios (DCRs) reported in figure 8.10 for E-W loading show
that the lower six stories have beams with ratios exceeding 0.50. The largest ratio
is 0.61, and the code permits the ratio to be as large as 1.0. The upper stories
and columns have lower DCR values. The interior bay frame, Frame 4, has higher
demand than the exterior frame, Frame 3, partly because the interior frame has
smaller member sizes to account for mechanical services passing underneath.

The DCRs for the N-S loading (figure 8.11) are relatively uniform above the

third floor. The extra bay in the lowest levels reduces the load resisted by the other
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two bays. The uniform nature of the DCRs for both static lateral force applications
provides no indication of concentrated yielding or fracture.

The DCRs for the Oxnard record (figure 8.12) are all below 1.0. This indicates
that the building remains elastic for this time history. Higher mode effects can be

seen in the N-S direction from the increased ratios in some of the upper levels.

Pushover Analysis

The pushover analysis (figure 8.13) indicates that the building can achieve a base
shear to building weight (V/W) ratio of 0.100, or roughly three times larger than
the UBC code value used for design with allowable stresses. Even with fracture

included in the model, the building can achieve a V/W ratio twice the code value.

Relative Penthouse Displacements, Poor Performance Fracture Model

These time history plots (figures 8.15-8.19) show the response level of the penthouse
in lateral directions, and by plotting three locations on the penthouse level, they
indicate torsional response by differences in the histories. Eleven ground motions
are used as input on the 17-story building model with poor performance fracture
strains.

The Oxnard ground motion shows little torsional response. Note that the same
displacement scale is used for all the ground motions, shifted where necessary. The
Sylmar record indicates torsional response induced after a large N-S pulse. The
Elysian Park G05 and Tabas records show that the building is unable to recover
from pulses much larger than the Sylmar pulse. Torsion is observed after a smaller
pulse at 5 sec in the Tabas record. The Kobe Takatori record indicates torsional
response. The response is highly damped toward the end of the record due to
severe cracking (see figure 8.56). Each crack formation releases stored strain energy,
reducing the response.

Other ground motions used just for this building have similar response ampli-
tudes (figures 8.20-8.25) to the five ground motions just described. The Canoga
response is similar to the Oxnard response. The Rinaldi response is similar to the

Sylmar response. The Elysian Park D05 response is similar to the G05 response.
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The J06 ground motion is smaller than the D05 and GO05 ground motions, so the
building survives the pulse with a huge permanent offset. The Kobe JMA and NGT
responses are similar to the Northridge Oxnard and Canoga responses. Due to these
similarities, the first five ground motions are chosen to be representative of the 11

total ground motions considered.

Relative Penthouse Displacements, Inelastic Model

The five representative ground motions are used to determine the response of the
inelastic model (figures 8.26-8.30). The inelastic model responses to the Oxnard
and Sylmar records are similar to the responses for the fracture model. The in-
elastic response differs from the fracture response for the G05, Tabas and Takatori
records, however. For the GO5 record, the building narrowly avoids collapse, but
there is a large permanent offset at the penthouse of about 170 cm (or 2% drift
over the building height). The Tabas response is similar to the G05 response for
the fracture model, but the inelastic model exhibits more torsional response. The

Takatori inelastic response exhibits less damping than the fracture response.

Relative Floor Displacements, Poor Performance Fracture Model

In these figures (8.31-8.35), every other floor response is shown using the fracture
model. The Oxnard response appears to be mostly elastic as there is no permanent
offset observed in any level, even though some fractures occur (figure 8.51). The
Sylmar record shows four histories producing the bulk of the permanent offset. This
corresponds to the eight lowest stories since every other floor is depicted. Relatively
little permanent offset is seen in the remaining stories. Keeping the scale the same
for all histories limits the information provided by the G05 response. What can be
seen is that the lower stories exhibit severe deformation resulting in collapse. The
Tabas record shows higher frequency energy reaching all levels of the building. Other
responses are smoothed toward the upper levels due to inherent stiffness proportional
damping that tends to reduce higher mode effects. The extent to which this high
frequency energy travels through the building indicates that there must be a lot

more energy in this frequency range for the Tabas ground motion relative to the
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other ground motions. A similar higher-frequency response can also be seen for the
Takatori record. Examining the response spectra for these two records, they are
seen to have a lot more energy in the high frequency range relative to other records.
See Appendix A for these records. Collapse is apparent from the Tabas response,

and six stories produce most of the offset in the Takatori response.

Relative Floor Displacements, Inelastic Model

In these figures (8.36-8.40), building response for the inelastic model is shown. As
for the fracture model, the Oxnard response appears to be mostly elastic since no
permanent offsets are observed. The Sylmar response shows permanent offset more
uniformly distributed over all the stories than for the fracture model. In the middle
stories, the histories are very close together in the figure, but they spread out again
for upper stories. This indicates localized inelastic behavior at the lower and upper
stories with more elastic response in the middle stories. The G05 response indicates
that roughly ten stories share the inelastic deformation. The Tabas response shows
that four stories produce most of the permanent offset. This is interesting because
even the pure-pulse ground motion G05 produces more spreading of inelastic behav-
ior than this record does. The Takatori response is similar to the Sylmar response in
that localized inelastic offsets can be seen in lower and upper stories without offset

in middle stories. This compares well with observed cracking in the fracture model

(see figure 8.56).

Time History Comparisons

The response of the poor performance fracture model to the Oxnard ground motion
is compared to the measured roof response in figure 8.41. Absolute displacements
are used since there is a measured roof record, but no basement record. The N-S
response is a very good match. This is the direction with all of the observed damage.
Even the period elongation with increasing damage is observed. The extent of period
elongation in the measured record has been investigated by Anderson and Filippou
(1995).

The E-W response does not match very well. This response is essentially elastic
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since there were no observed fractures or plastification of members in this direction.
The Oxnard record is ground motion from a site close to the building site, so it
cannot exactly represent the ground motions experienced by the building. Note in
particular how the E-W response is 180° out of phase with the measured response at
the beginning of the record. Because of this mirrored response, the Oxnard record
was used a second time, but with the E-W motion reversed. Figure 8.42 shows
the response to this modified record. There is a close match in both directions
for 8 seconds. Beyond that, the N-S is a good match to 30 seconds, but damping
and energy transfer to the E-W dominated modes reduce the response dramatically
thereafter.

The response of the fracture model to the Canoga ground motion is compared
to the measured roof response in figure 8.43. The Canoga ground motion was
also recorded close to the building site. The calculated penthouse response does
not match the measured response very well. The level of response is off, and period
elongation is not observed in the N-S direction even though a similar level of fracture
damage was observed.

Three different model responses to the Oxnard record are compared in figure
8.44. Comparing the elastic and inelastic responses shows little difference. This
indicates that the Oxnard ground motion produces very little inelastic response.
Comparing the inelastic and poor performance fracture model responses, a much
larger level of damping is observed in the damaged N-S direction. The damping
of strain energy release of opening and closing the cracks outweighs the hysteretic
damping provided by inelastic strain excursions. Note that both the inelastic and
fracture models produce period elongation due to stiffness degradation. It is more

pronounced in the fracture model.

Drift Ratios
Different drift ratio comparisons are shown in figures 8.45-8.50. The five represen-
tative ground motions are used, and drifts for the poor performance fracture, 2D

poor performance fracture, random fracture, fp = 0.02 and inelastic models are
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given. For the Oxnard record, drifts for the various models are compared in figure
8.50.

For the poor performance and random fracture models, there is an observed
increase in drift for stories 12-15 for the Sylmar and Takatori records, and to a lesser
extent for the Oxnard record. This is consistent with some of the observations made
about the time histories. For the Tabas and GO05 records, the drift is concentrated
in stories 3-9. Similar results were obtained for the 2D poor performance fracture
model. When fractures occur in the lower stories, energy is released and input
energy has a harder time reaching the upper levels.

The 8p = 0.02 and inelastic models show a more uniform distribution of drift
relative to the other fracture models. The Sylmar and Takatori records still show
increased drift in the upper stories. The Tabas and G05 records still have concen-
trated drifts in stories 3-7 for the inelastic model, but the G05 shows a greater
spread of drift that cannot be achieved with the fracture models, all of which cause
collapse.

The Oxnard comparison shows very little difference between the models demon-
strating that the response to this record is mostly elastic. The exception to this is
the increased drift in stories 12-14 for the poor performance fracture model. This

can be explained by the fractures in floors 12-14 (figure 8.51).

Fracture Distributions

The calculated fractures for the various fracture models are depicted in figures 8.51—
8.73. All 11 ground motions are used for the poor performance fracture model and
the 5 representative ground motions are used for all other models.

For the poor performance fracture model, member connections will fail at the
same strain level, regardless of where the member is located. Because the static
analysis DCR values indicate uniform member strength, the resulting fracture pat-
terns should be proportional to the distribution of energy in the building for a given
ground motion.

The Oxnard fractures show the effect of higher modes. The concentration of
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damage in the upper levels indicates that strong levels of input energy at higher mode
frequencies occurred. Due to the uniform strength of the building, this local damage
must be attributed to higher mode response, not locally weaker members. This
record also exhibits 3D effects — more damage is calculated in Frame 2 (east frame)
than in Frame 1 (west frame), contrary to the observed damage. This distribution
would not result from a 2D analysis, calling attention to the importance of 3D
analysis. Additionally, the calculated fracture results match the amount and vertical
distribution of the observed damage fairly well. While not being able to predict
which connections will fracture, the simulation indicates the general nature of the
observed damage.

The Oxnard record was used a second time with the E-W ground motion re-
versed. The resulting fracture distribution shows a reversal of the damage level in
the two N-S frames. Frame 1 now has more damage than Frame 2 just like the ob-
served damage. The eccentricity of the north frame causes torsional response that
can account for this reversal. By negating the E-W ground motion, the torsional
and N-S lateral responses are compounded in the western Frame 1 and reduced in
the eastern Frame 2 instead of the other way around. In addition to matching the
observed fracture pattern better, the calculated time histories match the recorded
motions better, too. Other investigators recognized the importance of a 3D model,
and even modeled the stairs and CMU walls surrounding the stairs which sustained
significant damage (Chi, El-Tawil, Deierlein, and Abel 1996). This damage implied
they were carrying part of the lateral load. Chi, El-Tawil, Deierlein, and Abel
(1996) conclude “the plan eccentricity caused by the inset north frame is not of
much consequence” and “that torsion caused by the stair/wall assembly probably
had a significant amplifying effect on the deformations.” Without modeling the
stairwell, the simulations of this work show that the torsional response can be fully
attributed to the eccentric frame. Regardless of the cause of the torsional behavior,
the importance of the effect of ground motion direction on the three-dimensional
response is clearly affirmed by the Oxnard simulations.

The Sylmar response shows the effect of higher modes, also. In Frame 2, there
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are two distinct zones of fracturing even though the member strengths are uniform
throughout. For N-S motion, note that most of the fractures are on the bottom of
the west end of beams. This is consistent with northward displacement. Looking at
the Sylmar ground motion (figure A.3) and the Sylmar relative penthouse response
(figure 8.16), a southward ground motion pulse causes the bottom of the building
to move south before the top of the building can react. This increases the relative
northern motion of the penthouse. Note that even though there is a significant
number of bottom-connection fractures, there are no top-connection fractures.

The GO05 response shows local damage in the lower stories. Frames 1 and 2
show that upper level connection fractures occurred during southward motion. The
fractures observed in equal distribution at both ends of beams in the lower stories
indicate a load reversal. The lower levels were damaged as the base of the building
moved south, corresponding to relative northward motion. After the ground pulse
switches to northward motion, the penthouse starts moving south. The ground
motions are so severe in this record that the penthouse still moves south after the
pulse is over and the building is unable to recover due to overstraining of its already
compromised members. Local inelastic behavior in the lower stories is consistent
with such ground motion pulses.

The Tabas response shows apparent load reversals and some higher mode dam-
age.

The Takatori response has energy in both directions as indicated by the damage
to all four frames. There is pronounced localized behavior, including the most severe
E-W damage of all 11 records used. Looking at the response spectrum for this record
(figure A.10), the E-W pseudo acceleration (PSA) is greater than 2g at the second
lateral mode periods (T= 1.39 sec and 1.33 sec from figures 8.7 and 8.8). The
second lateral modes are unfortunately close to peaks in the Takatori E-W response
spectrum.

The Canoga response is a very good match to the observed level and distribution
of damage. As with the Oxnard record, this ground motion is from a site close to

the building site. The Canoga record and Oxnard record with reversed E-W motion
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produce extremely similar fracture patterns even though the penthouse displacement
response for these motions is dissimilar (figures 8.42 and 8.43).

The remaining records produce fracture patterns similar to those of the five
representative records.

The fracture patterns resulting from the 2D poor performance fracture model
capture behaviors such as higher mode effects, reversals and pulse-induced direc-
tional damage. Torsional behavior is lost, though. The Oxnard record has equal
levels of damage in Frames 1 and 2 instead of being localized in one frame. The
Tabas record appears to have lost higher mode effects (compare figures 8.55 and
8.66). This may mean that these effects are due to high energy levels at the funda-
mental torsional mode period as opposed to the second lateral mode periods. Higher
mode effects are observed in the Oxnard, Sylmar and Takatori responses.

The random fracture model has more strong connections than the poor perfor-
mance fracture model, so less damage is produced. It is uncertain from the limited
runs as to whether a random model can introduce torsional response that would not
be there otherwise. The importance of such a model is that it can closely match the
observed random field conditions and help predict the level of response expected
from such a realistic distribution. A suite of random runs, as performed in Hall
(1997), would be required to understand the extent to which global behavior could
be modified by various random distributions of low fracture limits.

The 0p = 0.02 fracture model is the strongest of the fracture models. The
Oxnard and Sylmar responses show that no members reach 0.02 radians of plastic
rotation. The GO5 record does have some members fracture, without a reversal of
damaging motion observed. The directivity of the fractures indicates that they occur
during southward motion. This means they occur as the ground moves northward
relative to the top of the building, which is still recovering from the southward half of
the displacement pulse. The Tabas record has similar localized lower level fractures,
but they occur during northward motion. The Takatori response has little damage,

but it is from higher mode energy.
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Plastic-Rotation Distributions
The plastic rotations at member ends for the inelastic model are presented in figures
8.78-8.82.

The Oxnard response is essentially elastic, so no sizable plastic rotations are
observed in member ends. The Sylmar response is almost elastic with some higher
mode damage indicated by the plastic rotations. The GO05 response shows that
code writers clearly did not envision this ground motion. Many plastic rotations
greater than 0.03 radians occur. Note that this model is stronger than the fracture
models, which allows inelastic behavior to spread over more stories than fracture
models allow. Fractures act as fuses, limiting energy that can pass to higher stories.
The Tabas response has very local damage with higher rotations than the spread
GO5 response. The response spectrum for the Tabas ground motion (figure A.11)
indicates the highest PSA for the first several modes is in the first mode N-S which
corroborates the local damage. The Takatori record indicates response in several

modes.

Damage Indicator Summary Tables

The eleven ground motion responses for the poor performance fracture model are
summarized in table 8.2. Drift, penthouse displacement, base shear, and number of
fractures are the damage indicators tabulated. Three of the ground motions cause
collapse (D05, GO5 and Tabas), so damage indicators for those records are unreliable
for quantitative comparisons.

The data in this table shows that several basic indicators are not good predictors
of damage. The base shear to building weight ratio, V/W, is used to determine the
force level of static analysis in many codes. Comparing the Sylmar and Takatori
records, Sylmar has V/W = 0.104 and Takatori has V/W = 0.108, but the building
ended up with 108 fractures due to Sylmar and 241 fractures due to Takatori. Local
damage can limit the base shear and create large drifts imminent to collapse. Higher
mode effects are not associated with the largest base shear in general. The base shear
will be higher when all masses in the building are accelerating in the same direction

(first mode) rather than when masses move in opposite directions (higher modes).



185

The maximum penthouse displacement is also an unreliable predictor of damage
levels. The Oxnard, JMA and NGT records have maximum penthouse displace-
ments of 53, 54 and 52 cm, respectively. These records produced 22, 102 and 53
connection fractures, respectively. Higher-mode loading reversals can cause a great
deal of damage while limiting the largest penthouse displacement.

The maximum story drift can be a better indicator of damage. It indicates
damage by looking at data from one story instead of the whole building. Most dam-
age resulting from the simulations is localized, whether in an upper or lower story.
While the maximum story drift cannot indicate the spread of inelastic behavior, it
is a good indicator of the level of inelastic behavior incurred. This indicator can
be unreliable, however. The Canoga record has a maximum drift of 0.0124 and 26
fractures and the JMA record has 0.0123 drift and 102 fractures. This type of dif-
ference could arise from a small pulse causing local behavior and producing a small
number of fractures versus a sustained periodic i:ecord increasing drift and damage
throughout a building.

The number of fractures is the damage, so it should not really be called an
indicator. However, just counting the fractures cannot describe the entire inelastic
behavior. A small number of fractures could result from a moderate earthquake,
or from a strong earthquake pulse that localizes the damage in a few lower stories.
This type of damage could be incipient to collapse, whereas the former could be
retrofitted and survive future earthquakes unscathed. Having a large number of
fractures does not fully describe the underlying behavior, either. They could result
from an earthquake having energy at several modes of a building, spreading damage
throughout the structure. This type of inelastic redistribution may sometimes be
easily retrofitted, posing no danger, as opposed to a building hit with a pulse having
fewer fractures but larger permanent lateral offsets.

The other models also have damage indicators summarized in tables 8.3 to 8.6.
The GO05 and Tabas records cause collapse for every model type that includes some
level of fracture. The only model that does not collapse due to these ground motions

is the inelastic model. While the building does not collapse in this instance, an
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unsettling drift level and penthouse displacement can be observed.

The inadequacy of the base shear ratio to indicate damage can also be seen for
the inelastic runs. The Sylmar record has V/W = 0.141 and GO05 has V/W = 0.142,
whereas the corresponding maximum drifts are 0.0213 and 0.0613. The correspond-
ing number of member ends exceeding 0.01 radians of plastic rotations are 4 and
103, respectively.

The pushover results can be compared to the poor performance fracture and
inelastic model tables. The pushover analysis with fracture resulted in an ultimate
base shear ratio of V/W = 0.058 at 63.5 cm. Note that all eleven records produce
V/W ratios that exceed this value. Since input energy occurs over a range of
frequencies, a higher base shear can be achieved than for the pushover analysis
that assumes a uniformly distributed loading. Some of the maximum penthouse
displacements are less than 63.5 cm with associated high V/W ratios. This can be
attributed to higher modes attracting load without all stories moving in the same
direction, allowing the building to appear stiffer than the pushover predicts.

The pushover analysis for the inelastic model resulted in an ultimate base shear
ratio of V/W = 0.100 at 145 cm. Except for the Oxnard record, this was exceeded
for every ground motion. The same reasons can be stated as for the fracture model
case. The lower Oxnard base shear corroborates its apparent elastic behavior.

The same information in the tables mentioned above is tabulated for each ground
motion to compare the responses of different models (tables 8.7-8.9). A couple of
interesting trends are worth noting. The Oxnard record has essentially constant
maximum penthouse response and base shear ratios across all models (the 2D pent-
house displacement is lower because this is a three-dimensional quantity and the
east-west component is lost in this model). The maximum story drift increases
monotonically with increasing damage. The Sylmar record, on the other hand, ex-
hibits reduced drift with increasing damage. The main reason for this difference
is that the Oxnard response is primarily elastic, whereas the Sylmar response is
inelastic. For the Oxnard response, small amounts of damage tend to increase the

observed drift. Once a building has reached a certain level of inelastic response,
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a large amount of energy can be damped out by hysteretic behavior and energy
release. The fracturing of connections in the Sylmar model provides a large amount
of damping through the release of stored strain energy. This damping cannot be
matched by the inelastic model which thus attracts more load and results in higher
drifts. The poor performance fracture model has a maximum drift of 0.0190 and a
base shear ratio of 0.104 while the inelastic model has a maximum drift of 0.0213

and a base shear ratio of 0.141.
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8.6 Figures
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Figure 8.1 Plan of building with frame labels.
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Figure 8.2 South and North frame section properties.



190

LIEXP LM LLEXVIM LLEXYLM SVEXY LM SVEXY LM OZEXFIM 0LEXVIM S6EXVLIM BEEXY LM 92XV LM 92vXY LM SSYXPLM SSYXYLM 00SXY LA 00SXY LM 0ELXYLM

Wa6X135

170

W3eX150
WaeX150
WaeXx170
Waex
Wasx194
W36X194
Wa36X230
W36X230
WaeX230
W36X230
W36X230

QELXPLM  OEIXVIM

W36X300

W36X135

Wa6X135

W36X135

LIEXVLM |LIEXYIM

LIEXYLM [LLEXFLM]LLEXY LM|SPEXY LM|ZPEXY LM|0LEXY LM|OLEXT LM SSYXFLM|00SXF LM 08IXViM _ PEIXPIM
o o o (=3 [~}
B 8 £ 8 g
g § g g 2
= = = = =

3
14
kX
=

SYEXYLM|OLEXP LMIOZEXY LM

W36X300
W36X300

OELXP LM

0ELXPLM

OELXVIM  PEIXVLM

0ELXY LM

W36X300

OEIXPIM  PELXPLM

WaeX300

OLEXY LM[OZEXY LMIBEEXY L M[BBEXY LM[IZYXY LM{SZPXY LMISSPX Y LM|SSPXY LM{0DSXY LM |00SXY LM]0ELXY LM

LTEXFLM L IEXVIM]LIEXP L M[EPEXTIM]EY

&
g
=

W36X230
W36X230
W36X230
W36X300

W36X150
W3a6X150
W36X170
W36X170
WaeX194
W36X194
W36X230
W36X230
W36X230

0EIXYLIM  PEZXPIM

W36X300

GSP XY LM [00SXY LM

Q
Q
s
s
2

BEEXY LM[92PXYV LM 0ELXY LM

\[SPEXT LM[ZVEXT LAA[OLEXT LA

Qi
5
3
5

LLEXY LM

=
3
3
2
-
g
k)
=

W36X150
W36X150
W36X170
W36X170
W36X194
WasX194
WasxX230
W36X230
Wwasx230
W36X230
Wasx230
W36X230
W36X300

0ELXYIM  PEIXPIM

LIEXPEM  LIEXPLM LLEXVLM 2PEXPLIM SPEXPLM 0ZEXT LM DZEXY LM BEEXPLM B6EXYIM SZPXVLM 92PXPIM SSPXPLM SSPXPLM 00SXY LM 00SXP LM 0BLXFLM

OBLXVLIM  O0EZXPIM

Frame 2

Frame 1

Figure 8.3 West and East frame section properties.



191

MODE SHAPES OF 17-STORY BUILDING

Mode 1, Period = 4.882 sec.
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MODE SHAPES OF 17-STORY BUILDING

Mode 2, Period =4.518 sec.
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Figure 8.5 17-story building mode 2.
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MODE SHAPES OF 17-STORY BUILDING

Mode 3, Period = 2.903 sec.
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MODE SHAPES OF 17-STORY BUILDING

Mode 4, Period = 1.393 sec.
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Figure 8.7 17-story building mode 4.
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MODE SHAPES OF 17-STORY BUILDING

Mode 5, Period = 1.330 sec.
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Figure 8.8 17-story building mode 5.
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MODE SHAPES OF 17-STORY BUILDING

Mode 6, Period = 0.845 sec.
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Figure 8.12 17-story building demand capacity ratios, Oxnard record.
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Figure 8.16 Relative penthouse displacements, poor fracture model and Sylmar record.
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Figure 8.45 17-story building peak drift ratios for poor performance fracture model.
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Figure 8.46 17-story building peak drift ratios for 2D poor performance fracture model.
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Figure 8.58 Fracture of member ends, poor performance model and Rinaldi record.
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Figure 8.59 Fracture of member ends, poor performance model and E.P. D05 record.
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Figure 8.61 Fracture of member ends, poor performance model and Kobe JMA record.
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Figure 8.62 Fracture of member ends, poor performance model and Kobe NGT record.
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Figure 8.63 Fracture of member ends, 2D poor performance model and Oxmnard record.



236

Frame 2

l_ Observed

CONNECTION
FRACTURE H

Frame 1

Frame 4

Frame 3

Figure 8.64 Fracture of member ends, 2D poor performance model and Sylmar record.
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Figure 8.65 Fracture of member ends, 2D poor performance model and E. P. G05 record.
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Figure 8.66 Fracture of member ends, 2D poor performance model and Tabas record.
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Figure 8.67 Fracture of member ends, 2D poor performance model and Takatori record.
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Figure 8.68 Fracture of member ends, random model and Oxnard record.
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Figure 8.69 Fracture of member ends, random model and Sylmar record.
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Figure 8.71 Fracture of member ends, random model and Tabas record.
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Figure 8.72 Fracture of member ends, random model and Takatori record.
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Figure 8.73 Fracture of member ends, 0.02 plastic-rotation model and Oxnard record.
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Figure 8.74 Fracture of member ends, 0.02 plastic-rotation model and Sylmar record.
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Figure 8.75 Fracture of member ends, 0.02 plastic-rotation model and E.P. G05 record.
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Figure 8.76 Fracture of member ends, 0.02 plastic-rotation model and Tabas record.
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8.7 Tables

- 17-Story Building: Poor Performance Fracture Model
Ground Maximum | Maximum | Maximum | Number of
Motion Drift Ap V/W Fractures

(cm)

Oxnard 0.0113 53 0.060 22
Sylmar 0.0190 85 0.104 108
E.P. G05 collapse — — —
Tabas collapse — — —
Takatori 0.0226 79 0.108 241
Canoga 0.0124 45 0.064 26
Rinaldi 0.0214 75 0.112 147
E.P. D05 collapse — — —
E.P. J06 0.0119 127 0.062 101
Kobe JMA 0.0123 54 0.087 102
Kobe NGT 0.0163 52 0.071 53

Table 8.2 Damage indicators: poor performance model.

17-Story Building: 2D Poor Performance Fracture Model
Ground Maximum | Maximum | Maximum Number of
Motion Drift Ap V/w Fractures
(cm)

Oxnard 0.0128 42 0.059 29
Sylmar 0.0189 77 0.103 96

E.P. G05 collapse — — —
Tabas collapse — — —
Takatori 0.0273 57 0.103 145

Table 8.3 Damage indicators: 2D poor performance model.
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17-Story Building: Random Fracture Model

Ground Maximum | Maximum | Maximum | Number of
Motion Drift Ap V/w Fractures
(cm)
Oxnard 0.0097 54 0.060 8
Sylmar 0.0207 86 0.129 53
E.P. G05 collapse — — e
Tabas collapse — — —
Takatori 0.0253 97 0.113 110

Table 8.4 Damage indicators: random fracture model.

17-Story Building: 6pjastic = 0.02 Fracture Model

Ground Maximum | Maximum | Maximum | Number of
Motion Drift Ap V/W Fractures
(cm)

Oxnard 0.0097 55 0.060 0
Sylmar 0.0213 88 0.141 0

E.P. G05 collapse — — —
Tabas collapse — — —
Takatori 0.0311 106 0.154 11

Table 8.5 Damage indicators: Opigstic = 0.02 model.

17-Story Building: Inelastic Model

Ground Maximum | Maximum | Maximum | # of Plastic
Motion Drift Ap V/W Rotations
(cm) > 0.01 rad
Oxnard 0.0097 55 0.060 0
Sylmar 0.0213 88 0.141 4
E.P. GO5 0.0613 283 0.142 103
Tabas 0.0742 246 0.132 87
Takatori 0.0278 106 0.154 38

Table 8.6 Damage indicators: inelastic model.
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17-Story Building: Oxnard

Maximum | Maximum | Maximum | Number of
Model Drift Ap V/W Fractures
(cm)
Poor Performance 0.0113 53 0.060 22
2D Poor Performance 0.0128 42 0.059 29
Random 0.0097 54 0.060 8
Opiastic = 0.02 0.0097 55 0.060 0
Inelastic 0.0097 55 0.060 —
Elastic 0.0094 a7 0.062 —
Table 8.7 Damage indicators: Oxmnard record.
17-Story Building: Sylmar
Maximum | Maximum | Maximum | Number of
Model Drift Ap V/W Fractures
(cm)
Poor Performance 0.0190 85 0.104 108
2D Poor Performance 0.0189 77 0.103 96
Random 0.0207 86 0.129 53
Opiastic = 0.02 0.0213 88 0.141 0
Inelastic 0.0213 88 0.141 —
Table 8.8 Damage indicators: Sylmar record.
17-Story Building: Takatori
Maximum | Maximum | Maximum | Number of
Model Drift Ap V/W Fractures
(cm)
Poor Performance 0.0226 79 0.108 241
2D Poor Performance 0.0273 57 0.103 145
Random 0.0253 97 0.113 110
Opiastic = 0.02 0.0311 106 0.154 11
Inelastic 0.0278 106 0.154 —

Table 8.9 Damage indicators: Takatori record.
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Chapter 9

13-Story Building

The 13-story building investigated here exhibited brittle fracture in beam-to-column
connections during the Northridge earthquake. The building is square in plan and
the lateral system consists of steel perimeter moment-frames with five bays on each
face. The corner columns are built-up box sections with flanges (see figure 5.10).
See figure 9.1 for the plan of the building, and note that because of the voluminous
nature of the output in this chapter, the tables and figures are at the end of the
chapter. This structure can be analyzed using the techniques and finite elements
developed in this work, including the three-dimensional corner columns.

The investigated building was instrumented at its roof, sixth floor and base-
ment levels to record three orthogonal motions at each level. The building was fully
inspected, providing data on all the beam-to-column connections that exhibited
fracture. The building is a great candidate for investigation because of experiencing
some damage and having basement, sixth floor and roof records. The basement
record is the Oxnard record used as an input ground motion for all three build-
ings investigated. Some investigators question the use of foundation flexibility in
a model when using base motion as input, claiming that tilting and other base-
motion behaviors are already incorporated into the record. Considering the size of
this structure and the fact that the lateral system is located on the perimeter, it is
unlikely that rocking experienced by the perimeter will be transmitted to the center

of the basement floor where the recording was made. For this reason, the author
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includes foundation flexibility when using this basement record.

This building has been investigated extensively with 2D and 3D elastic analysis
and 2D inelastic analysis (Uang, Yu, Sadre, Bonowitz, and Youssef 1995), (Uang,
Yu, Sadre, Bonowitz, Youssef, and Vinkler 1997) and (Maison and Kasai 1997).
None of these investigations included three-dimensional nonlinear analysis. Maison
and Kasai (1997) modeled connections with trilinear rotational springs that have a
yield level determined from a statistical fit to the measured data.

The 13-story building is a good candidate for investigation because of the pre-

ceding reasons. The following issues are examined:

o Ability of bare steel frame model to predict damage location through standard

code static analyses.

Ability of 3D nonlinear model to reproduce fracture pattern observed.

Ability of 3D nonlinear model to reproduce measured roof response.

e Comparison of different models.

Effect of larger ground motions.

9.1 Building Description

Geometry and Materials

The building has 13 stories plus one basement level. The plan dimensions of the
building are 48.77 m by 48.77 m (160 ft by 160 ft), and a typical story height is
401 cm (158 in). The first story height is 488 cm (192 in). Frame columns range
in size from W14x176 to W14x500, and girders from W27x84 to W36x230 (figures
9.2-9.5). In these figures, the minor axes of corner columns are noted so that the
member orientation can be determined. See table 9.2 for dimensions of the built-
up box sections referenced on these elevations as ‘Bl4x#’, where # refers to the
weight per length of the member in pounds per foot. The columns and girders are
A36 steel. The members have a yield strength of 324 kN/mm? (47 ksi) and an
ultimate strength of 389 kN/mm? (56.4 ksi). Smaller members are used for the
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gravity system. The beams have metal deck and lightweight concrete on top, but
due to the age of this building (1973 UBC design code), it is presumed there are

not enough shear studs to act compositely.

Mass

The seismic mass and center of gravity are calculated for each floor based on the load-
ing and assumed properties from Uang, Yu, Sadre, Bonowitz, and Youssef (1995).
The weight of the building was estimated to be 140 MN (31450 k). The weight of
the steel moment frames is 11.1 MN (2497 k).

Basement Stiffness

Concrete basement walls are assumed to exist in each direction, and the steel
columns extend to the base of the walls. The stiffness of the walls is modeled
by shear springs assuming the walls at the perimeter of the building are 30.48 cm

(12 in) thick.

Story Stiffness

The gravity framing, partitions, and nonstructural walls are assumed to be capable
of some lateral resistance provided by shear springs. The total lateral force capacity
in each direction provided by the shear springs is set to 1% of the story shear forces
produced by the seismic design loads computed for V/W = 1. The sum of shear
spring stiffnesses in a story is set to 10% of the minimum UBC story stiffness (see

section 7.1.6). This corresponds to spring yielding at a story drift of H/170.

Foundation

The foundation has an elastic stiffness of 2.626 MN/cm (1500 k/in) horizontally and
vertically and a secondary stiffness of 0.394 MN/cm (225 k/in). Yield strengths are
26.9 MN (6000 k) horizontally and downward and 13.34 MN (3000 k) upward. See

section 7.1.5 for formulation of these values.
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Damping

Inter-story damping is capped at a force level corresponding to 0.01W, reached at an
inter-story velocity of 8.13 cm/sec (3.2 in/sec). This corresponds to 4.5% of critical
damping in the linear range of the fundamental modes. The total damping is 5.0%,
with an additional 0.5% of critical damping provided by linear stiffness proportional

damping.

Fracture Models
End segments of girders representing the welds to the columns are allowed to frac-
ture. The post-earthquake inspection of the building found fractures at both bottom
and top flange welds of the girders. Since the girders did not exhibit any local buck-
ling or other signs of plastification, a strain level below yield is reasonable for the
bottom flange. The top flange is most likely a better weld since continuous passes
can be made, and so a higher fracture strain there is justified. Early investigations
not included in this work using uniform poor performance fracture limits resulted
in fracture patterns that did not corroborate the observed damage which is defi-
nitely random in nature. Maison and Kasai (1997) developed a random distribution
of plastic rotation capacities based on the observed damage and grouped the dis-
tributions according to member size. The intent of using this distribution is to
properly model the level of damage observed. The same model can then be used
to predict behavior of stronger ground motions. In the distributed random fracture
model (Maison), the fracture strain levels are randomly chosen from the distribution
shown in table 7.3. Groups A, B and C represent the W36’s, W33x152’s, and lighter
member sizes, respectively. These strain values are determined by displacement con-
trol analysis of beam-to-column assemblies monotonically loaded until the desired
plastic rotation is achieved as described in section 7.1.3. The resulting distribution
can be seen in figure 9.6. The lowest strain levels in this distribution are 0.7¢, for
both the bottom and top fibers, depending on the member size group.

The 13-story building has measured ground (basement) input and sixth-floor
and roof response. In an effort to make the best model possible, an additional

fracture model is used. The pre-fractured model assigns a tensile fracture strain of
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O¢y to all the locations where damage was observed. The assumption here is that
a few of the welded connections were bad to begin with, ready to fail under any
strong motion. Note that under distributed gravity loading of a moment connected
girder, the bottom flanges will be in compression, so some finite level of excitation
is necessary to fail the connection.

A third model for fracture levels assumes that the individual girders can achieve
0.02 radians of plastic rotation before failure (see section 7.1.3 and table 7.3). In
this model, groups B and C described above are combined into one group B corre-

sponding to all members more shallow than W36’s.

Modal properties
The model possesses natural periods of vibration of 2.90 seconds in the east-west
and north-south directions, and 2.03 seconds in torsion. See figures 9.7-9.12 for

depictions of the first six natural modes.

9.2 Building Design

The lateral system was designed using the 1973 Uniform Building Code (ICBO
1973). No site-specific provisions existed, so the design would be as follows. The

parameters used for design are:
e Moment Space Frame

o W =DL

Z =1, zone 3 for California

T = 0.1N, N = number of stories, must be used if lateral system is 100%

moment space frame

o K =0.67

‘O

o C=2%% <0.10

S

V = ZKCW, base shear
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e F, = 0.004V(g—’;)2 <0.15V, where Dg is the plan dimension of the vertical
lateral force resisting system and A, is the roof height.

o F,=0if (J»)<3

o F, = (XiF—;)i’:ﬁ, force at floor z

No drift limit

The resulting values are:

o I'=1.3 sec
e C =0.0458
e V =0.030TW

e F, =0 since ("l’%) =118<3

Note that the equivalent static force, V, is near the lower limit for the 1994 UBC
(V =0.03W).

A model with rigid foundations and solely the lateral system steel columns and
girders providing resistance is used for the design. A static analysis using the UBC
forces above produces a roof displacement of 12.2 cm (4.82 in) E-W or N-S. There
was no drift limit in the 1973 UBC, but this roof displacement produces an average
drift lower than the limits imposed by the 1994 UBC.

The resulting demand capacity ratios (DCR’s) for the structure from the static
analysis can be seen in figures 9.13 and 9.14 for the E-W and N-8 directions, re-
spectively. See section 8.2 for an explanation of the DCR ratio and the method
of showing them in the figures. As a comparison, the DCR ratios for the Oxnard
time history are given using the actual values of member material strengths and the
inelastic model without fracture (figure 9.15). See section 9.4 for an explanation of

the inelastic model.
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9.3 Pushover Analysis

The bare-steel frame and inelastic models were subjected to a pushover analysis
using the 1973 UBC static force distribution (figure 9.16). Only the N-S direction
is presented, as most of the ground motions are strongest in that direction and the
building is symmetric except for small flanges on the corner column box sections.
The base model includes just the bare-steel frame (BF'). The inelastic model includes
the foundation (FN) and inter-story stiffness (SB). Recall that composite action is
assumed not to occur. The base model has an ultimate strength of 0.1325W at
a roof displacement of 85 cm (33.5 in) and the inelastic model without fracture

(BF+FN+SB) has an ultimate strength of 0.1426W at 89 cm (35 in).

9.4 Simulations

Several time-history analyses of various types are performed to seek answers to
the issues mentioned at the beginning of the chapter. In each instance, a time
step of 0.02 seconds and a total duration of 25 seconds for each record are used.
Only 25 seconds are used since the measured response at the roof stopped after 22
seconds. The basement record (Oxnard) is used to represent the ground motion at
the site. The Sylmar, Elysian Park G05, Tabas and Takatori records are also used
to represent stronger ground motions. Table 9.1 shows the analyses performed for
each ground motion. The analysis types include elastic analysis, inelastic analysis

without fracture, and inelastic analysis with connection fracture.

9.4.1 Figure Descriptions

Time Histories

The relative-to-ground roof displacement response is tracked for the duration of the
analyses, 25 seconds. The response at the center of mass (master node location)
and at two corner locations is calculated so that torsional effects can be observed
(figure 9.17). Note that the same scale is used wherever possible to compare the

response levels for the different ground motions. The responses are grouped by
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Maison
Ground Random | pigstic = 0.02 | Inelastic | Elastic | Pre-Fractured
Motion Fracture Fracture
Oxnard ) . ' ° .
Sylmar . ° °
E.P. G05 ° . .
Tabas . . .
Takatori ) . °

Table 9.1 Time history analyses performed for 13-story building model.

ground motion instead of by model. For each ground motion, the Maison random

fracture model and the inelastic model results are presented.

e See figures 9.18 and 9.27 for the relative roof histories from the Oxnard, Syl-

mar, Elysian Park G05, Tabas and Takatori ground motions, in that order.

To get a better understanding of the global building behavior, relative histories
of each floor are shown together for the N-S component of motion only. The N-S
direction is the stronger ground motion in every case, so the N-S response alone
will suffice to present this behavior. The responses are grouped by ground motion.
For each ground motion, the Maison random fracture model and the inelastic model

results are presented.

e See figures 9.28 and 9.37 for the building histories from the Oxnard, Sylmar,
Elysian Park G05, Tabas and Takatori ground motions, in that order.

The measured roof and sixth floor responses are compared to the calculated
responses for the pre-fractured model, which most closely represents the actual

behavior of the building.

e See figure 9.38 for the comparison of absolute roof and sixth floor displace-
ments resulting from the measured response and from the Oxnard motion

applied to the pre-fractured model.
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The Oxnard motion is used for all three buildings to investigate the differences
in models used for each building. The difference in roof and sixth floor response for

the Maison fracture model, the inelastic model and the elastic model are presented.

o See figure 9.39 for the comparison of relative roof displacements resulting from

the Oxnard motion due to various models.

Three fracture models are also compared for the Oxnard record. The difference
in roof and sixth floor response for the Maison fracture model, the 04515 = 0.02

fracture model and the pre-fractured model are presented.

o See figure 9.40 for the comparison of relative roof displacements resulting from

the Oxnard motion due to various fracture models.

Inter-Story Drifts

The maximum drifts in the N-S direction for each story are used as a damage
indicator. Note that the same scale is used for all plots. Values that exceed these

limits are plotted on the right-hand side of the figure.

o See figures 9.41-9.43 for the maximum story drifts for each record. Each figure
represents the response to a different model: Maison fracture, pqstic = 0.02

fracture, and inelastic.

o See figure 9.44 for the maximum story drifts for each model resulting from the

Oxnard record.

Fractures

The member end fractures are plotted for each simulation that uses a fracture
model. Top and bottom girder-flange to column-flange connection fractures are
distinguished separately. For comparison, the actual fractures discovered after the

Northridge earthquake are also plotted.

e See figures 9.45-9.49 for the fractures resulting from the Maison distributed

fracture model.
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o See figures 9.50-9.54 for the fractures resulting from the pj4st:c = 0.02 fracture

model.

e See figure 9.55 for the fractures resulting from the pre-fractured model. This

shows perfect agreement, of course.

Plastic Rotations

The member end plastic rotations are plotted for each simulation using an inelastic
model with no fracture. In these figures, the circle diameter is proportional to the
plastic rotation and the circle is drawn offset from the member end to distinguish

multiple members framing into a joint.

e See figures 9.56-9.60 for the plastic rotations resulting from the inelastic

model.

9.4.2 Table Descriptions

Damage Indicators for Model Type

Several indicators of damage include the maximum drift, the roof displacement, the
base shear and the number of fractures. These have been summarized for each model
comparing across ground motions. The ratio of base shear V to building weight W
is used in these tables. For the inelastic model, the number of member end plastic

rotations greater than 0.01 radians is used in place of the number of fractures.

e See tables 9.3-9.5 for the damage indicators for each model: Maison random

fracture, Opiastic = 0.02 fracture and inelastic.

Damage Indicators for Ground Motion

The same data is presented for each ground motion comparing across model type.

The Elysian Park G05 record is not presented in this form since collapse occurred

for both fracture models.

e See tables 9.6-9.9 for the damage indicators for each ground motion.
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9.5 Discussion

Static Analysis
The bottom two levels of the building have large W36 girders to provide stiffness

for the taller plaza (basement) and ground (first) levels. This gives them a lower
stress demand. Based on the DCR values, one would expect the most damage in
the third through sixth level girders. The demand drops off toward the top of the
building. This distribution is quite different from the 17-story building distribution
that was uniform throughout.

The DCR results for the Oxnard record using actual material properties show
that inelastic behavior has occurred. Many beams in the N-S frames have exceeded
the elastic limits due to excessive bending. No columns have exceeded the elastic

limit.

Pushover Analysis

The base shear ratio V/W at ultimate levels is greater than four times the UBC
design base shear ratio, even for the bare frame. Notice that combined stiffness of
the shear building and foundation provide an overall stiffness close to the bare frame
stiffness.

The ductility of this structure is greater than for the 17-story building. The
17-story building has a large drop off in force level after reaching ultimate load
whereas the 13-story building can sustain a larger percentage of its larger ultimate
load for larger building drifts. The 13-story building is shorter and its lateral system
is wider, so overturning and associated P-A effects are smaller. There are also more
bays of framing that provide more redundancy than the 17-story building lateral

system does.

Relative Roof Displacements
These time history plots (figures 9.18-9.27) show the response level of the roof in
lateral directions, and by plotting three locations on the roof, they indicate torsional

response by differences in the histories. The five representative ground motions are
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used as input on the 13-story building model with the Maison model of fracture
strains and the inelastic model without fracture. The building is symmetric with
centered mass. Even with a random distribution of fracture strains, little to no
torsion is observed in any of the five records. Note that the five histories are drawn
to the same scale for comparison.

The results are similar between the fracture and inelastic models for Oxnard,
Sylmar, and Takatori, which indicates that inelastic behavior occurs from these
records even with perfect connections. If the response were elastic for the inelastic
model (perfect connections), and fractures only occurred below yield for the fracture
model, a larger difference would be seen between the responses. In general, the
later peaks in the records are larger for the inelastic runs than for the fracture runs
because the opening and closing of cracks provide more damping through release of
strain energy than the inelastic deformations can provide through hysteresis.

The Oxnard response has no permanent offset. Looking at the roof response
alone, it cannot be determined if any inelastic behavior has occurred. Knowing that
fractures occurred due to this ground motion in the fracture model allows one to
conclude that the inelastic model also experiences inelastic behavior because of the
similarities in roof response.

The Sylmar response shows some permanent offset to the east and south. Notice
the low level of response after 10 seconds that indicates large damping levels from
strain energy release (fracture model) or inelastic hysteresis (fracture and inelastic
models).

The GO05 fracture model response shows collapse of the building. The G05 record
does not cause collapse for the inelastic model, but a large permanent offset —
roughly 150 cm or 2.5% of the building height — is observed.

The Tabas record does show a dramatic difference in behavior between the two
models. In the fracture model, there is roughly 50 cm offset to the south and in the
inelastic model there is about 25 cm offset to the north. The N-S ground motion
(see figure A.11) is essentially a double pulse. The fracture model suffered more

damage, so upon the end of the pulse about 15 seconds into the record, it damped
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future energy whereas the inelastic model allows the building to be whipped to the
north as seen by the response at 15-17 seconds. This allows a permanent northward
offset to occur rather than the southward offset of the fracture model.

The Takatori responses show evidence of more damping in the fracture model

than the inelastic model.

Relative Floor Displacements

In these figures (9.28-9.37), each floor response is shown for the Maison fracture
model and the inelastic model. The Oxnard response shows nearly elastic response.
There is no permanent offset observed in any level, although some amount of re-
versing inelastic behavior could occur without these histories depicting it.

The Sylmar record shows slight offset to the south for the cracked model, and
slightly larger offset to the south for the inelastic model. The predominant offset is
actually in the E-W direction. The ground motion is not as intense in this direction
based on maximum displacements or pseudo-acceleration values at the fundamental
modes. The difference is that the energy is more directed in this direction than for
the N-S direction. The E-W direction has two eastward pulses, but the N-S direction
has a stronger bi-directional pulse which corrects any offset created from the first
half of the pulse. See the discussion of the fracture figures for further explanation
of this behavior.

The GO05 record shows collapse occurring the same way it does for the 17-story
building. The top of the building is still moving south while the ground is acceler-
ating to the north. The original northward motion seen prior to 10 seconds is more
representative of the ground moving south than of the roof moving north. This is
like loading a slingshot, and similar to the stone being loaded, the building never
comes back. The inelastic model barely recovers from the ground pulse, with most
of the offset in five stories close to a collapse state.

The Tabas record shows additional offset, smoothing and damping for the frac-
ture model relative to the inelastic model. The fracture damaged model has roughly

a five second periodic response while the inelastic model still responds to the higher
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frequency input of the Tabas ground motion. Notice the smoothing of the highly
damped fracture model versus the travel of high frequency motion through several
stories of the inelastic model.

Comparing the response at the end of the record for the Takatori ground mo-
tion, the inelastic model looks like free response in the fundamental mode whereas
the fracture model has some offset and higher mode effects. The smoothed inelastic
model response and higher frequency cracked model response is the opposite be-
havior to that observed for the Tabas record. This could be due to the localized
fracturing from each ground motion. The Tabas record causes damage in the lower -
stories of the building, elongating the fundamental period and damping out higher
mode response. The Takatori record causes two zones of damage, both high and
low in the building. Energy can still travel up into the building, and even though
there is more damping than the corresponding inelastic model, the damage may
actually be producing shorter period internal reflections that do not exist for the

more smooth inelastic response.

Time History Comparisons
The distribution of the connection fractures indicates material or construction de-
fects rather than higher demands at these locations. An additional fracture model
was analyzed in which all of the observed connection fractures are pre-fractured.
The assumption is that these are the only bad connections in the building. Con-
sidering that there is some inelastic behavior observed for the Oxnard record on
the model without fracture (figure 9.15), the demand on the members is high, so
this assumption is warranted. Recall that the Oxnard record is the actual basement
record of the 13-story building. This pre-fractured model gives the best fit to the
sixth floor and roof responses of all the simulations in this work.

The response of the pre-fractured model to the Oxnard ground motion is com-
pared to the measured sixth floor and roof response in figure 9.38. Relative dis-
placements are used, and the measured relative displacements are determined by

subtracting the basement record from the sixth floor and roof records. The simula-
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tion has displacement peaks that are too high, but overall it is a close match. This
match validates the model for this particular ground motion.

The pre-fractured, inelastic and elastic models are compared to the measured
response for the Oxnard ground motion in figure 9.39. The small differences in
model responses indicate very little inelastic behavior in the E-W direction. These
three models differ from the measured response in terms of damping more than in
terms of stiffness. The period of response matches well, indicating the stiffness and
mass of the model accurately represent the actual building. The peaks in response
are too high, especially at the end of the record, indicating too little damping.
Looking at the N-S histories, it is obvious the response is inelastic. The elastic
model has peaks twice the magnitude of measured response in some portions of
the record. The inelastic model greatly reduces the magnitude of response, but the
pre-fractured model comes the closest to matching the building response.

The three fracture models — pre-fractured, Maison model, and p = 0.02 —
are compared to the measured response for the Oxnard ground motion in figure
9.40. The Maison fracture model has nearly equivalent response to the pre-fracture
model. They both produce 52 connection fractures (coincidentally) with different
distributions. By using a random fracture distribution and matching the level of
roof response and number of fractures, the Maison fracture model allows confident
predictions of building response to other ground motions.

The p = 0.02 model produces no fractures, and is thus identical to the inelastic
model. As discussed in chapter 7, the 8p = 0.02 model represents an overestimate
of the fracture strength of better than average pre-Northridge connections. In the

case of this building, it unconservatively assumes higher strength.

Drift Ratios

Different drift ratio comparisons are shown in figures 9.41-9.44. The five repre-
sentative ground motions are used, and drifts for the distributed random (Maison)
fracture, 0p = 0.02 and inelastic models are given. For the Oxnard record, drifts

for the various models are compared.
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For the Maison fracture model, the Oxnard drift distribution is proportional to
the static analysis DCR values. This could indicate predominantly fundamental
mode response since the DCR values are based on an inverted triangular code-
prescribed distribution. The Sylmar record drifts are uniform except for stories
2—4. The GO05 record has very high drifts for stories 2—6 leading to collapse. The
Tabas record also has locally high drifts in stories 2-5. The Takatori record is
different in that its highest drifts are in upper stories 7-10. This is indicative of the
high-frequency content seen in the peaks of the Takatori response spectrum.

Similar results can be seen for the 6p = 0.02 and inelastic models.

The comparison for various models subjected to the Oxnard motion shows sig-
nificantly more drift in the elastic model than the other models. This reflects the
damping provided by inelastic behavior. This differs from the 17-story building that

responds elastically to this same ground motion.

Fracture Distributions

The calculated fractures for the various fracture models are depicted in figures 9.45—
9.54. The Maison fracture model and the p = 0.02 model for the five representative
ground motions are depicted. Additionally, the pre-fractured model for the Oxnard
motion is given.

The Maison model assumes different fracture strains for the W33 and W36
girders in the building. The 0p = 0.02 model has different fracture strains for these
different member sizes. These models differ from a uniform fracture model in which
member connections will fail at the same strain level, regardless of location, depth
or flange thickness. If a uniform fracture model were used as in the case of the
17-story building, many fewer fractures would occur in the second floor girders.
This is contrary to the observed fractures, which were predominantly in this level.
The DCR values also indicate low stresses in this level, but the member has thicker
flanges, so it may be more prone to lower strain level fractures. More passes are
required to deposit weld material for the thicker flanges which also are more likely

to possess imperfections from the rolling process than for a thinner section. The
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fp = 0.02 model does not take these factors into account in calculating the fracture
strain, and the calculated response reflects this. No fractures are recorded in this
level for any of the ground motions for this model. The Maison model does assume
lower fracture strains for larger flange thicknesses, so some fractures are observed
on this level for the various ground motions.

The Oxnard record for the Maison model produces the same level of damage
as the pre-fractured model, even though the distribution in the building cannot be
predicted.

The Sylmar record produces connection fractures occurring for both northward
and southward motions in Frame 4 and Frame 9. The E-W oriented frames, Frame
B and Frame G, have most fractures associated with an eastward motion. Because
of these fracture patterns, one would expect an offset to the east. The equal levels
of northward and southward damage do not permit conjecture on which direction, if
any, will exhibit offset for N-S motions. This corroborates the higher offset noticed
for the weaker E-W ground motion as discussed in the roof response section. The
E-W motion is directed even though it is not as strong as the N-S motion.

The GO5 record clearly shows that all the damage occurs in one southeastward
direction (south for 4 & 9 and east for G & B). The Tabas record shows damage
in both directions. The Takatori record shows localized damage both low and high
and damage in both directions. Localized damage for all three ground motions is
consistent with the story drift plots.

Moving on to the 8p = 0.02 model responses, the Oxnard record exhibits no
fractures. As mentioned, there is still some inelastic response even without any
fractures. The stronger Sylmar and Takatori ground motions also produce no frac-
tures, and the Tabas record produces a single top-flange fracture.

The GO05 record has directed southward local damage.

Plastic-Rotation Distributions
The plastic rotations at member ends for the inelastic model are presented in figures

9.56-9.60.
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The Oxnard response has slight inelastic response in the N-S direction, but is
mostly elastic response.

The Sylmar response shows localized lower level inelastic behavior. Note that
the E-W direction has higher plastic rotations, even though the response spectra for
E-W and N-S motions do not predict this. From the other discussions of this model,
the E-W response is directed whereas the N-S response reverses. So, the E-W girder
ends experience increasing large plastic rotations in one direction during the_time
history while the N-S girder ends repeatedly experience large but reversing plastic
rotations. Looking at these results alone could not explain this behavior.

The GO5 record shows localized severe behavior. The Tabas record also exhibits
localized lower inelastic behavior. The Takatori record shows local inelastic behavior

in both lower and upper levels.

Damage Indicator Summary Tables

The five representative ground motion responses for the Maison, p = 0.02 and
inelastic models are summarized in tables 9.3-9.5, respectively. Drift, roof displace-
ment, base shear, and number of fractures are the damage indicators tabulated. The
G05 ground motion céuses collapse for the two different fracture models, so damage
indicators for those records are unreliable for quantitative comparisons.

The discussion of damage indicators for the 17-story building concluded that
several basic indicators are not good predictors of damage, and the same conclusions
can be drawn for the results of the 13-story building. The base shear ratio V/W for
the Sylmar and Tabas records for either of the fracture models is about equal, but
the Sylmar maximum drift, maximum roof displacement and number of fractures
are all much smaller. The base shear ratio alone cannot predict or measure the
differing damage levels.

The maximum roof displacement for the Takatori record is about two-thirds
of the Tabas roof displacement, yet the Takatori record causes more damage in
the Maison model. The Sylmar and Takatori roof displacements are similar, but

the Takatori record causes more damage. The maximum roof displacement alone
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cannot predict or measure these inelastic responses.

The maximum drift is a slightly better indicator of damage, with better correla-
tion to the number of fractures. The extent of the damage throughout the building
is lost, though. The maximum drift could be the same for damage to one level or
many.

For the inelastic model, the base shear ratio exceeds the ultimate value from the
pushover analysis (V/W = 0.1425 at 89 cm) for all ground motions other than the
Oxnard record. Some records exceed the roof displacement at ultimate pushover
base shear. As mentioned in the 17-story building discussion, higher mode effects
can achieve the higher levels of response.

Comparing the inelastic and Maison model responses for the Sylmar record, the
inelastic response has higher base shear ratio and roof displacement, but slightly
lower maximum story drift. The fractures provide more damping through strain
energy release than the inelastic behavior alone can provide through hysteresis, so
they act as a beneficial fuse reducing the response of further excitation. If the ground
motion is strong enough or directional, the damage resulting from the fracture model
will produce larger drifts and possibly collapse as in the case of the GO05 record.

The same information in the tables mentioned above is tabulated for each ground
motion to compare the responses of different models (tables 9.6-9.9). A couple
of interesting trends are worth noting. Except for the mostly elastic response to
the Oxnard record, the ground motions produce decreasing base shear ratios for
increasing damage. The Maison random model has higher maximum drifts than
the inelastic model. Except for the Tabas record, the Maison model has lower roof
response than the inelastic model. While combined energy release and inelastic
hysteresis allows the fracture model to lessen the response to a greater degree than
the inelastic model, this is not necessarily beneficial due to the increased drifts and

collapse of the G05 record.
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9.6 Figures
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Figure 9.1 Plan of building with frame labels.
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Figure 9.3 West frame section properties.
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Figure 9.4 North frame section properties.
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Figure 9.5 East frame section properties.
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MODE SHAPES OF 13—STORY BUILDING
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Pushover Analysis, UBC Distribution, N-S Direction
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Figure 9.18 Relative roof displacements, Maison fracture model and Oxnard record.
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Figure 9.19 Relative roof displacements, inelastic model and Oxmnard record.
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Figure 9.21 Relative roof displacements, inelastic model and Sylmar record.
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Figure 9.22 Relative roof displacements, Maison fracture model and E.P. G05 record.
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Figure 9.23 Relative roof displacements, inelastic model and E.P. G05 record.
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Relative roof displacements, inelastic model and Tabas record.
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Figure 9.54 Fracture of member ends, 0.02 plastic-rotation model and Takatori record.
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9.7 Tables
13-Story Building: Built-up Box Section Properties
Member Plate Outer Inner
Designation || Thickness | Dimension* Dimension
cm (in) cm (in) cm (in)
B14X548 6.35 (25) | 44.77 (173 32.07 (123)
B14X425 5.08 (2) | 42.23 (163) 32.07 (122)
B14X366 4.45 (13) | 40.96 (163) 32.07 (123)
B14X337 4.13 (12) | 40.32 (15%) 32.07 (122)
B14X281 3.49 (13) | 39.05 (153) 32.07 (123)
B14X253 3.18 (11) | 38.42 (15}) 32.07 (123)
B14X199 2.54 (1) | 37.15 (143) 32.07 (123)

Table 9.2 Built-up box section dimensions. * The outer dimension does not include four
2.54 cm (1 in) flanges. See figure 5.10.

13-Story Building: Maison Random Fracture Model
Ground Maximum | Maximum | Maximum | Number of
Motion Drift Ap V/W Fractures
(cm)
Oxnard 0.0150 54 0.098 52
Sylmar 0.0278 78 0.147 169
E.P. GO5 collapse — — —
Tabas 0.0517 116 0.143 267
Takatori 0.0367 76 0.135 297

Table 9.3 Damage indicators: Maison random fracture model.
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13-Story Building: fpjastic = 0.02 Fracture Model
Ground Maximum | Maximum | Maximum | Number of
Motion Drift AR V/W Fractures
(cm)
Oxnard 0.0140 60 0.114 0
Sylmar 0.0259 88 0.171 0
E.P. GO5 collapse — — —
Tabas 0.0319 114 0.169 1
Takatori 0.0284 77 0.159 0

Table 9.4 Damage indicators: Op45tic = 0.02 model.

13-Story Building: Inelastic Model
Ground Maximum | Maximum | Maximum | # of Plastic
Motion Drift Ap V/W Rotations
(cm) > 0.01 rad
Oxnard 0.0140 60 0.114 0
Sylmar 0.0259 88 0.171 57
E.P. G05 0.0848 208 0.186 230
Tabas 0.0317 114 0.169 135
Takatori 0.0284 77 0.159 140

Table 9.5 Damage indicators: inelastic model.

13-Story Building: Oxnard

Maximum | Maximum | Maximum | Number of
Model Drift Ap V/W Fractures
(cm)
Prefractured 0.0147 55 0.094 52
Random 0.0150 54 0.098 52
Opiastic = 0.02 0.0140 60 0.114 0
Inelastic 0.0140 60 0.114 —
Elastic 0.0181 72 0.153 —

Table 9.6 Damage indicators: Oxnard record.
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13-Story Building: Sylmar

Maximum | Maximum | Maximum | Number of
Model Drift Ap V/W Fractures
(cm)
Random 0.0278 78 0.147 169
Opiastic = 0.02 0.0259 88 0.171 0
Inelastic 0.0259 88 0.171 —
Table 9.7 Damage indicators: Sylmar record.
13-Story Building: Tabas
Maximum | Maximum | Maximum | Number of
Model Drift Ap V/W Fractures
(cm)
Random 0.0517 116 0.143 267
Opiastic = 0.02 0.0319 114 0.169 1
Inelastic 0.0317 114 0.169 —
Table 9.8 Damage indicators: Tabas record.
13-Story Building: Takatori
Maximum | Maximum | Maximum | Number of
Model Drift Apg V/W Fractures
(cm)
Random 0.0367 76 0.135 297
Opiastic = 0.02 0.0284 77 0.159 0
Inelastic 0.0284 77 0.159 —

Table 9.9 Damage indicators: Takatori record.
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Chapter 10

10-Story Building

The 10-story building was designed for the 1994 UBC (ICBO 1994) to investigate
three-dimensional effects of a realistic irregular building. The building is shaped
like a square with a corner cut off and the lateral system is a steel moment frame
that follows the perimeter with six bays on each long face. The corner columns
are built-up square box sections. See figure 10.1 for the plan of the building, and
note that because of the voluminous nature of the output in this chapter, the tables
and figures are at the end of the chapter. This structure can be analyzed using the
techniques and finite elements developed in this work.

The following issues are examined for this building:

e Ability of bare steel frame model to predict damage location through standard

code static analyses.
¢ Ability of 3D nonlinear model to capture directional effects.
o Comparison of different models.

e Effect of larger ground motions.

10.1 Building Description

Geometry and Materials

The building has ten stories, with one basement level. The plan dimensions of the

building are 54.86 m by 54.86 m (180 ft by 180 ft), and a typical story height is
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427 cm (168 in). The first story height is 549 cm (216 in). Frame columns range
in size from W14x193 to W14x550, and girders from W24x76 to W36x280 (figures
10.2-10.5). In these figures, the minor axes of corner columns are noted so that the
member orientation can be determined. See table 10.2 for dimensions of the built-up
square box sections referenced on these elevations as ‘Bidx+#’, where # refers to the
weight per length of the member in pounds per foot. The columns are A572 Grade
50 and the girders are A36 steel. The columns have a yield strength of 345 kN / mm?
(50 ksi) and an ultimate strength of 448 kN/mm? (65 ksi) and the beams have
yield 248 kN/mm? (36 ksi) and ultimate 400 kN/mm? (58 ksi). Note that these are
the design stress levels, so the strong-column/weak-beam (SCWB) assumption can
be investigated. The SCWB assumption would be more likely violated if realistic
strengths were used. Smaller members are used for the gravity system. The beams

are all composite with metal deck and lightweight concrete on top.

Mass

The seismic mass and center of gravity are calculated for each floor based on the
assumed properties discussed in section 7.1.2. The weight of the building was esti-
mated to be 126.6 MN (28460 k). The weight of the steel moment frames is 11.1 MN
(2500 k).

Basement Stiffness
Concrete basement walls are assumed to exist in each direction, and the steel
columns extend to the base of the walls. The stiffness of the walls is modeled

by shear springs assuming the walls at the perimeter of the building are 30.48 cm

(12 in) thick.

Story Stiffness

The gravity framing, partitions, and nonstructural walls are assumed to be capable
of some lateral resistance provided by shear springs. The total lateral force capacity '
in each direction provided by the shear springs is set to 1% of the story shear forces

produced by the seismic design loads computed for V/W = 1. The sum of shear
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spring stiffnesses in a story is set to 10% of the minimum UBC story stiffness (see

section 7.1.6). This corresponds to spring yielding at a story drift of H/126.4.

~

Foundation

There is no foundation in this model.

Damping

Inter-story damping is capped at a force level corresponding to 0.01W, reached at
an inter-story velocity of 13.34 cm/sec (5.25 in/sec). This corresponds to 2.5% of
critical damping in the linear range of the fundamental mode. The total damping
is 3.0%, with an additional 0.5% of critical damping provided by linear stiffness

proportional damping.

Fracture Models

End segments of girders representing the welds to the columns are allowed to frac-
ture. The Hall random fracture model is used, where the fracture strain levels are
randomly chosen from the distribution shown in table 7.3. The lowest strain levels
in this distribution are 0.9¢; and 10.0¢, for the bottom and top fibers, respectively.
This fracture model produced results that underestimated the damage in the 17-
story building, so it has an appropriate level of conservatism for predicting damage
in a building assumed to have some poor connections.

The 0.02 radian plastic-rotation model is not analyzed for this building.

Modal properties
The model possesses natural periods of vibration of 2.16 and 2.06 seconds for fun-
damental lateral modes and 1.52 seconds for torsion. See figures 10.6-10.11 for

depictions of the first six natural modes.

10.2 Building Design

The lateral system was designed using the 1994 Uniform Building Code (ICBO

1994). No site-specific data exists, so the design would be as follows. The parameters
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used for design are:
e Special Moment Resisting Frame (SMRF)
e W=DL
e Z = 0.4, zone 4 for California
o I=1
e S =1.2, assumed soil distribution (medium-dense)
e R, =12, steel SMRF reduction/ductility factor
e C; = 0.035 for steel SMRF
e T = C;(h)*™, h = height of structure, method A
o Thr = 1.3T, T determined from method A

o C =125 <275 and C > 0.075R,

o V= %W—CW, base shear

e F; = min(0.077V,0.25V) for T > 0.7 and F; = 0 otherwise

Swihi force at floor z
iy

e Drift limit = 0.03/R,,
The resulting values are:

e T =1.99 sec (Using Trnaz, knowing actual is higher)

C =0.948

V = 0.0316W

F, =557 kN (125.3 k)

Drift limit = 0.0025
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Note that the equivalent static force, V, is near the lower limit for the 1994 UBC
(V = 0.03W).

Additional stringent code provisions were met in a full design of the lateral
system, including accidental torsion and seismic compactness. Stiffness, strength,
and strong-column/weak-beam provisions are satisfied by the following respective
results: the maximum drift is .00247, the maximum stress ratio is 0.71, and the
maximum B/C ratio is 0.93.

The strong-column /weak-beam provision of the code is an attempt to ensure that
the proportions of the members will provide the maximum ductility and redundancy.
Yielding and plastic hinging will occur in beams rather than columns if the members
are sized to have more strength in the columns than in the beams at every panel
zone in the building. As moment is redistributed at a joint, the beams will yield
before the columns do, allowing more load to be attracted. If the columns yield
first, the stability of the structure could be greatly compromised by producing a
weak story, whereas beam yielding may lead to larger deformation at higher load
levels. The 1994 UBC has the following criteria that must be met at each joint in
a SMRF:

(10.1) > " Zo(Fye— fa)] Y ZoFyp > 1
(10.2) or Y Ze(Fye— fa)/125) My > 1,

where f, > 0, b refers to beams, c refers to columns, and M, is the sum of beam
moments when the panel zone shear strength reaches the value V' calculated as

. 3bct§fjl

. = 0.55F,
(10.3) V = 0.55F,dt dodct

The first criterion states that the column plastic moment capacity should exceed
the beam plastic moment capacity at a joint and the second criterion states that
the column plastic capacity should exceed the beam moment that corresponds to

the strength of the panel zone (Bruneau, Uang, and Whittaker 1998). The largest

moment that can be transmitted into the panel zone by the beam is the beam plastic
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moment, so the more stringent first criterion is used.

The inverse of the strong-column/weak-beam criterion is the B/C ratio. Meeting
the criterion means that the B/C ratio is less than 1.0 at every joint.

A model with rigid foundations and solely the lateral system steel columns and
girders providing resistance is used for the design. A static analysis using the UBC
forces above produces a roof displacement of 7.72 cm (3.04 in) E-W or N-S.

The resulting demand capacity ratios (DCR’s) for the structure from the static
analysis can be seen in figures 10.12 and 10.13 for the E-W and N-S directions,
respectively. See section 8.2 for an explanation of the DCR ratio and the method
of showing them in the figures. As a comparison, the DCR ratios for the Oxnard
time history are given using the actual values of member material strengths and
the inelastic model without fracture (figure 10.14). For this building, the actual
strengths are the nominal strengths. See section 10.4 for an explanation of the

inelastic model.

10.3 Pushover Analysis

The bare-steel frame and inelastic models were subjected to a pushover analysis
using the 1994 UBC static force distribution (figure 10.15). The base model includes
just the bare-steel frame (BF). The inelastic model includes the inter-story stiffness
(SB) and composite action of the girders (CM). Practicing engineers do not require
steel moment frame buildings to resist drifts larger than 3%, so the analyses were
stopped at a roof displacement of 152.4 cm (60 in) which corresponds to a drift of
0.0325. The base model at the final drift of 0.0325 has an “ultimate” strength of
0.200W and the inelastic model without fracture (BF+SB+CM) has an “ultimate”
strength of 0.220W. These models did not reach their true ultimate loads, but were

pushed to higher drift ratios than the other two buildings.
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10.4 Simulations

Several time history analyses of various types are performed to seek answers to the
issues mentioned at the beginning of the chapter. In each instance, a time step
of 0.02 seconds and a total duration of 40 seconds for each record are used. The
same five records used for the 17-story and 13-story simulations are used: Oxnard,
Sylmar, Elysian Park G05, Tabas and Takatori. Two of the five records are rotated
to see the effect of directivity on the building response. The Oxnard record N-S
and E-W ground motions are rotated 22.5°, 45°, 67.5° and 90° and the Hall ran-
dom fracture model is used. The rotations are measured positive counter-clockwise.
The Sylmar N-§ record is isolated for the second suite of rotated simulations. It is
applied at 0°, —45°, 45°, 180° and 135°. Table 10.1 shows the analyses performed
for each ground motion. The analysis types include elastic analysis, inelastic anal-
ysis without fracture, and inelastic analysis with random connection fracture (Hall

random fracture model).

Rotated
Ground Random | Inelastic | Random | Elastic
Motion Fracture Fracture
Oxnard ) ° sooe .
Sylmar . °
E.P. GO5 . ]
Tabas o .
Takatori ° .
Sylmar(N-S) sscee

Table 10.1 Time history analyses performed for 10-story building model.

10.4.1 Figure Descriptions

Time Histories
The relative-to-ground roof displacement response is tracked for the duration of the

analyses, 40 seconds. The response at the center of mass (master node location)
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and at two corner locations is calculated so that torsional effects can be observed
(figure 10.16). Note that the same scale is used to compare the response levels for
the different ground motions. The Hall random fracture and inelastic model results

are presented for each ground motion.

e See figures 10.17-10.26 for the relative roof histories from the Oxnard, Sylmar,
Elysian Park G05, Tabas and Takatori ground motions, in that order.

e See figures 10.27-10.31 for the roof histories of the Oxnard rotated runs using

the Hall random fracture model.

e See figures 10.32-10.36 for the roof histories of the Sylmar N-S rotated runs

using the Hall random fracture model.

To get a better understanding of the global building behavior, relative histories
of each floor are shown together for the N-S component of motion only. The N-S
direction is the stronger ground motion in every case, so the N-S response alone
will suffice to present this behavior. The Hall random fracture and inelastic model
results are presented for each ground motion. Note that the same scale is used

wherever possible to compare the response levels for the different ground motions.

e See figures 10.37-10.46 for the building histories from the Oxnard, Sylmar,
Elysian Park G05, Tabas and Takatori ground motions, in that order.

The Oxnard motion is used for all three buildings to investigate the differences in
models used for each building. The difference in roof response for the Hall random

fracture model, the inelastic model and the elastic model are presented.

e See figure 10.47 for the comparison of relative roof displacements resulting

from the Oxnard motion due to various models.

Inter-Story Drifts
The maximum drifts in the N-S direction for each story are used as a damage
indicator. Note that the same scale is used for all plots. Values that exceed these

limits are plotted on the right-hand side of the figure.
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e See figures 10.48 and 10.49 for the maximum story drifts for each record for

the Hall random fracture and inelastic models, respectively.

e See figure 10.50 for the maximum story drifts for each model resulting from

the Oxnard record.

Fractures
The member end fractures are plotted for each simulation that uses a fracture
model. Top and bottom girder-flange to column-flange connection fractures are

distinguished separately.

e See figures 10.51-10.55 for the fractures resulting from the Hall random frac-

ture model.

e See figures 10.56-10.60 for the fractures resulting from the rotated Oxnard

record and the Hall random fracture model.

e See figures 10.61-10.65 for the fractures resulting from the rotated Sylmar N-S

record and the Hall random fracture model.

Plastic Rotations

The member end plastic rotations are plotted for each simulation using an inelastic
model with no fracture. In these figures, the circle diameter is proportional to the
plastic rotation and the circle is drawn offset from the member end to distinguish

multiple members framing into a joint.

e See figures 10.66-10.70 for the plastic rotations resulting from the inelastic

model.

10.4.2 Table Descriptions

Damage Indicators for Model Type

Several indicators of damage include the maximum drift, the roof displacement, the
base shear and the number of fractures. These have been summarized for each model

comparing across ground motions. The ratio of base shear V' to building weight W



339

is used in these tables. For the inelastic model, the number of member end plastic

rotations greater than 0.01 radians is used in place of the number of fractures.

e See tables 10.3 and 10.4 for the damage indicators for the Hall random fracture

and inelastic models, respectively.

Damage Indicators for Ground Motion

The same data is presented for the Oxnard ground motion comparing across model
type. Other records only have two model types represented, so they are not tabu-
lated.

e See table 10.5 for the damage indicators for the Oxnard ground motion.

Damage Indicators for Rotated Ground Motion

The damage indicators as a function of the angle of ground motion input are pre-

sented for the Oxnard and Sylmar N-S rotated records.

e See tables 10.6-10.7 for the damage indicators for the rotated ground motions.

10.5 Discussion

Static Analysis

The demand capacity ratios (DCRs) of this building are uniform and low. Drift
and stiffness rather than strength governed the design of the building. There is
some drop off in DCR values toward the top of the building. The lowest levels
have more uniform DCRs compared to the rest of the building and relative to the
other two buildings investigated. The 17-story building has extra bays at the lowest
level in the N-S direction reducing demand, and the 13-story building has much
larger sections at the lowest levels to provide tall-story stiffness. The 45° plane
of symmetry of the building can be seen by examining the similarities in N-S and
E-W load applications. Lack of torsion can be seen by examining the low demand
in frames transverse to load direction. The uniform nature of the DCRs for both

static lateral force applications provides no indication of concentrated yielding,.
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The DCR results for the Oxnard record show that inelastic behavior has oc-
curred. A large percentage of members have exceeded the elastic limits due to

excessive bending.

Pushover Analysis

The base shear ratio V/W at ultimate levels is greater than six times the UBC
design base shear ratio, even for the bare frame. This building exhibits exceptional
ductility and strength. This is due in large part to the inherent redundancy. There
are 12 bays activated in the direction of loading. The 13-story building has ten bays
activated, but they are weaker and softer than the bays of the 10-story building. The
17-story building has only four bays activated. Additionally, the 10-story building
has lower DCR values from static analysis than the other buildings, so it has more

reserve capacity at design levels of base shear.

Relative Roof Displacements

These time history plots (figures 10.17-10.26) show the response level of the roof in
lateral directions, and by plotting three locations on the roof, they indicate torsional
response by differences in the histories. The five representative ground motions are
used as input on the 10-story building with the Hall random fracture strain model
and the inelastic model without fracture. The building has one axis of symmetric
and its center of mass is very close to its center of rigidity. For inelastic response
without fracture, very little torsion is observed. Note that the five histories are
drawn to the same scale for comparison.

The Oxnard response has a small amount of torsion introduced by non-uniform
fracturing due to the random distribution of poor connections. The response is
damped from the inelastic hysteresis of the members. In general, the later peaks
in the records are larger for the inelastic runs than for the fracture runs because
the fractures release more strain energy than the hysteretic damping can release.
Once this energy is released, future opening and closing of cracks also release stored
strain energy, reducing response with each cycle. For the inelastic model, the Ox-

nard response shows no torsion, but a beating phenomenon clearly occurs. Both
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fundamental lateral modes are excited and the energy is transferred back and forth
due to changes in the excitation frequency. The lack of torsion shows that the
centers of mass and stiffness in the building are close to coinciding. Low levels of
inelastic behavior do not induce torsion in the building.

The Sylmar response produces a permanent offset to the southwest. For the
fracture model, the southward offset is roughly 40 cm. A small amount of permanent
twist can also be seen. Note that the traces of the three positions of the roof
response do not cross, indicating that they are permanently offset from each other
at an angle. The response is highly damped, indicating a great deal of damage. The
inelastic response has almost no torsion. The record beyond 15 seconds looks like
fundamental-mode damped free response. Notice that the reduction in response is
a lot lower for the inelastic model than the fracture model. The permanent offset is
also smaller.

The GO05 fracture model response shows severe permanent offset (about 3.6%
building drift), but no collapse. This offset exceeds the pushover analysis results.
Notice there is a substantial permanent twist also. This is the only building that
survives this ground motion with a fracture model. The inelastic model has large
permanent offset (about 1.2%) and modest torsion. The N-S motions are damped
out to a greater degree than the E-W motions.

The Tabas response of the fracture model has high frequency content forcing the
building. There is very little torsion, and about 25 cm of northward offset. The dam-
age in the N-S direction increases the periodic response to roughly 3.9 seconds. The
inelastic model has similar response up to 12 seconds in the record, but the response
after that is periodic with a substantially different period of roughly 2.3 seconds.
There is little offset in the inelastic model. The inelastic behavior lengthens the
period from 2.16 to 2.3 seconds, as opposed to the fracture model inelastic response
dramatically reducing the stiffness and increasing the period to 3.9 seconds. This
can best be explained by the fractures observed and will be discussed in the fracture
distribution section.

The Takatori response of the fracture model has northwestern offset with some
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angular offset also. The inelastic response has eastern instead of northwestern offset
and less torsion. The energy stays in the two lateral fundamental modes with beating
as observed in the Oxnard record instead of torsional mode excitation. The fracture

model has more damping than the inelastic model.

Relative Roof Displacements, Oxnard rotated record

These time history plots (figures 10.27-10.31) show the response level of the roof
for the Oxnard ground motion rotated at 0°, 22.5°, 45°, 67.5° and 90° counterclock-
wise. The responses of all but the 90° motion are largely the same, with expected
changes in E-W and N-S responses due to the rotation of the record. Only the 90°
record produces unusual results. From 10-25 seconds in the record, large levels of
torsion are observed, and beyond that the response is greatly reduced relative to

the response for all the other angles of ground motion input.

Relative Roof Displacements, Sylmar N-S rotated record

These time history plots (figures 10.32-10.36) show the response level of the roof
for the Sylmar N-S ground motion rotated at 0°, —45°, 45°, 180° and 135° counter-
clockwise. Only the N-S component of the Sylmar record is used to investigate the
three-dimensional effects of rotating unidirectional ground motion input.

The first comparison that should be made is between response to the full Sylmar
ground motion and the Sylmar N-S applied at 0° rotation. Note that most of the E -
W response and the torsion are removed by not including the E-W ground motion
input. Since this building has well balanced mass and stiffness, a 2D simulation
might provide good results for the 0° load application. The offset frames do not
lend themselves to 2D approximations, however, and earthquakes do not usually
line up with a building’s axes.

The —45° record is applied in the building’s plane of symmetry. The random
distribution of fracture strains introduces some torsion into the response that could
not be there otherwise. Note the overall symmetry of the orthogonal responses.

The 45° record is applied transverse to the building’s plane of symmetry. Large

torsions are introduced and significant hysteretic damping occurs. Some twisting
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offset is apparent.

The 180° record is applied in the opposite direction to the 0° record and the 135°
record is applied in the opposite direction to the —45° record. Little difference in
response is observed between these opposite direction inputs other then the expected

negated histories.

Relative Floor Displacements
In these figures (10.37-10.46), each floor response is shown for the Hall random
fracture model and the inelastic model.

The Oxnard fracture model response shows some permanent offset while the
inelastic model appears to be nearly elastic response. There is no permanent offset
observed in any level, although some amount of reversing inelastic behavior could
occur without these histories depicting it. The large difference in the response
between these two models can be explained by the time histories which show beating
in the inelastic model response and energy release in the fracture model response.

The Sylmar record shows southward offset for both models, with significantly
more damage and response reduction in the fracture model. The lower stories are
responsible for most of the total drift.

The G05 record shows southward offset concentrated in three lower stories. The
scale was modified for the plot of the fracture model to see the entire response. As
with the Sylmar record, the inelastic model has less offset and damping relative to
the fracture model.

The Tabas record has more offset for the fracture model than for the inelastic
model. A significant difference in the period of the response can be seen between
these two models. This was explained in the time history figure discussion.

The Takatori model shows different responses for the two different models. They
both experience some permanent offset, but the fracture model has it concentrated

in the lower stories and the inelastic model has it spread throughout the building.
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Time History Comparisons
Three different models were analyzed for the Oxnard ground motion — Hall ran-
dom fracture, inelastic and elastic (figure 10.47). There is a big difference in the
amplitude of response between the elastic and inelastic response, which means the
Oxnard ground motion induces inelastic behavior in this building. The 13-story and
17-story buildings had largely elastic response to this ground motion. The reason
for inelastic behavior in this building relative to the other two can be explained
by examining the response spectra for this ground motion (see figure A.2). Larger
pseudo accelerations occur at the fundamental period of this building than for the
other buildings.

Comparing all three models, beating is seen in the elastic and inelastic responses

whereas damage and damping in the fracture model prevent beating.

Drift Ratios

Different drift ratio comparisons are shown in figures 10.48-10.50. The five rep-
resentative ground motions are used, and drifts in the N-S direction for the Hall
random fracture and inelastic models are given. For the Oxnard record, drifts for
the various models are compared.

For the fracture model, all five records have the highest drifts in stories 1—4.
This indicates predominant first-mode response to all the ground motions. Higher
mode effects would produce some larger drifts in the upper stories.

The inelastic model also has large lower story drifts, but the Tabas and Takatori
drifts indicate some higher mode response with increased drift in the eighth story.

The Oxnard record drifts differ based on model type. The elastic model has
some higher mode response and the fracture model has more significant local drifts

causing damage in the lower stories.

Fracture Distributions
The calculated fractures for the Hall random fracture model are depicted in fig-

ures 10.51-10.65. This includes the five representative ground motions, the rotated

Oxnard motions, and the rotated Sylmar N-S motions.
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All five representative ground motions have lower-level damage. This corre-
sponds to the larger lower-story drifts observed. The G05 response shows distinct
southward motion damage in the N-S frames (the even numbered frames on the
right of the figure). The Tabas damage is spread throughout the E-W frames.

A large increase in the period of roof response was observed in the N-S time
history of the Tabas record (figure 10.23). As can be seen from the fracture distri-
bution, there is a lot more concentrated damage in the two lowest levels than for
other records. The damage is both above and below the tall first story, so there is
an amplified effect of increasing the period of the building.

The Oxnard rotated ground motions produce similar fractures independent of
input angle. While the fracture strains were chosen randomly, the same set of
strains is used for each run. The same low-strain connections fracture independent -
of the angle of input since the Oxnard motion has similar levels of orthogonal input.
A similar peak input enters each plane of frames. Looking at the time history
responses (figures 10.27-10.31), the peak displacement in each direction (N-S and
E-W) is roughly the same, independent of input angle.

The Sylmar N-S rotated ground motions produce two levels of damage. If the
input is in the plane of the frames (0° or 180°), fractures occur in coplanar frames
only. If the input is diagonal to the frames, damage occurs in all the frames. The
damage is not very different between input in the plane of symmetry (—45° or 135°)
or transverse to it (45°). The roof response is quite different for these orthogonal

directions, however.

Plastic-Rotation Distributions
The plastic rotations at member ends for the inelastic model are presented in figures
10.66-10.70.

The plastic rotations are concentrated in the lower levels for all of the ground
motions. The Takatori record produces a larger spread of plastic rotations through-
out the building. A disturbing trend in the response to all of the ground motions

is significant column-end plastic rotations. In the G05 response, the column yield-



346

ing could easily occur after beam yielding. Looking at the difference in resulting
rotations, the beams could yield first and further lateral movement could cause the
coluin plastification. However, column yielding clearly occurs before beam yield-
ing in the upper stories of the Takatori response. The building design meets the
strong-column/weak-beam provisions of the 1994 UBC. The increased axial com-
pressive force in the columns reduces the effective column strength, increasing the
B/C ratio. The code provision may be satisfied for static loading, but if the axial
force is greater than anticipated the columns may yield before the beams.

Another explanation for the column yielding is consideration of the ground mo-
tion as a pulse travelling up through the building. This will be discussed more in

section 11.1.

Damage Indicator Summary Tables

The five representative ground motion responses for the Hall random fracture and
inelastic models are summarized in tables 10.3 and 10.4, respectively. Drift, roof
displacement, base shear, and number of fractures are the damage indicators tabu-
lated.

The discussion of damage indicators for the 17-story and 13-story buildings
concluded that several basic indicators are not good predictors of damage. Similar
conclusions can be drawn from the 10-story building. The base shear ratio V/W
is similar for all the ground motions, but the damage levels vary greatly. The
maximum roof displacement, however, cannot be discarded for this building. The
roof displacements correlate well with the damage levels. The maximum story drift
is also correlated with the damage except for the Takatori record that spreads the
damage throughout the building. This means only the roof displacement is a reliable
predictor for this building. These conclusions can be drawn from the fracture or
inelastic models.

An elastic model is subjected solely to the Oxnard ground motion. The damage
indicators for the three model types (fracture, inelastic and elastic) are given in

table 10.5. The base shear ratio is much larger for the elastic model. The Oxnard
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record produces inelastic behavior in this building to a much greater extent than in
the other buildings. This means the ratio of elastic to inelastic model base shear
ratios will be larger for the 10-story building and it also explains why the elastic
base shear ratio itself is so much larger. There is a much larger demand on this
building, so it suffers more inelastic behavior.

The fracture model has a lower base shear ratio and maximum roof displacement
than the inelastic model, yet it has a larger maximum drift. This behavior was
explained for the 13-story building. The fractures reduce response through the
release of stored energy to a greater extent than the inelastic behavior of hysteretic
damping alone can. The disadvantage is that localized damage (story drift) is larger,
so overall there is not necessarily a benefit.

The rotated Oxnard and Sylmar responses are also tabulated in tables 10.6
and 10.7, respectively. Comparing maximum to minimum damage indicators, the
Oxnard record can produce maximum drifts 20% larger depending on the angle of
excitation. The maximum roof response can vary by 35%, the base shear ratio by
6% and the number of fractures by 17%. For the Sylmar record, the maximum drift
can vary by 48%, the maximum roof displacement by 24%, the base shear ratio by
21%, and the number of fractures by 70%. These ranges of damage indicators arise
from merely rotating the angle of input excitation and are definitely of significance

for engineering design.
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10.6 Figures
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MODE SHAPES OF 10-STORY BUILDING
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Figure 10.6 10-story building mode 1.
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MODE SHAPES OF 10-STORY BUILDING

2.065 sec.
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Figure 10.7 10-story building mode 2.
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MODE SHAPES OF 10-STORY BUILDING

1.517 sec.
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Figure 10.8 10-story building mode 3.
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MODE SHAPES OF 10-STORY BUILDING

0.771 sec.
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Figure 10.9 10-story building mode 4.
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MODE SHAPES OF 10-STORY BUILDING

0.749 sec.
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Figure 10.10 10-story building mode 5.
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MODE SHAPES OF 10-STORY BUILDING

0.549 sec.
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Figure 10.11 10-story building mode 6.
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Figure 10.12 10-story building demand capacity ratios, E-W direction.
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Figure 10.13 10-story building demand capacity ratios, N-S direction.
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Figure 10.14 10-story building demand capacity ratios, Oxnard record.
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10 Story Building Pushover Analysis, UBC Distribution, N-S Direction

Roof displacement, cm

Figure 10.15 10-story pushover analysis.
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Figure 10.16 Locations at roof for time histories.
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Figure 10.18

Relative roof displacements, inelastic model and Oxnard record.
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Figure 10.19 Relative roof displacements, Hall fracture model and Sylmar record.

100 | 1 1 I ] T 1] t ]

£ ——  Master node SYLMAR, E-W
& gL | Corner 1 |
= — — - Corner2
C
£
- 0
(8]
K
a -50
[a)

=100 L 1 1 1 L ] I ]
Time Os 5s 10s 15s 20s 25s 30s 35s 40

100 L 1 T T T T T T ]
e SYLMAR, N-S
© 50
c
£
S 0
Q
]
_g— -50 Master node
a | v Y Corner 1
— — - Comer?2
—-100 1 1 1 1 i 1 ] N

Figure 10.20

Relative roof displacements, inelastic model and Sylmar record.
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Figure 10.25 Relative roof displacements, Hall fracture model and Takatori record.
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Figure 10.27 Relative roof displacements, Hall fracture model and Oxnard rotated 0°.
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Figure 10.28 Relative roof displacements, Hall fracture model and Oxnard rotated 22.5°.
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Figure 10.29 Relative roof displacements, Hall fracture model and Oxnard rotated 45°.
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Figure 10.30 Relative roof displacements, Hall fracture model and Oxnard rotated 67.5°.
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Figure 10.34 Relative roof displacements, Hall fracture model and Sylmar N-S rotated
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Figure 10.51 Fracture of member ends, Hall random fracture model and Oxnard record.
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Figure 10.56 Fracture of member ends, Oxnard rotated 0°.
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Figure 10.59 Fracture of member ends, Oxnard rotated 67.5°.
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Figure 10.62 Fracture of member ends, Sylmar N-S rotated —45°.
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Figure 10.63 Fracture of member ends, Sylmar N-S rotated 45°.
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Figure 10.64 Tracture of member ends, Sylmar N-S rotated 180°.
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Figure 10.68 Plastic rotations at member ends, E.P. GO05 record.
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10.7 Tables

10-Story Building: Built-up Square Box Section Properties
Member Plate Outer Inner
Designation || Thickness | Dimension Dimension

cm (in) cm (in) cm (in)
B14X436 5.72 (23) | 41.91 (161) 30.48 (12)
B14X327 4.45 (13) | 39.37 (153) 30.48 (12)
B14X301 4.13 (lg) 38.74 (15%) 30.48 (12)
B14X250 3.49 (12) | 37.47 (143) 30.48 (12)
B14X177 2.54 (1) 35.56 (14) 30.48 (12)

Table 10.2 Built-up box section dimensions.

10-Story Building: Hall Random Fracture Model
Ground Maximum | Maximum | Maximum | Number of
Motion Drift Ap VW Fractures
(cm)
Oxnard 0.0218 49 0.206 129
Sylmar 0.0431 82 0.229 210
E.P. GO5 0.1144 186 0.220 157
Tabas 0.0430 85 0.234 243
Takatori 0.0415 102 0.218 246

Table 10.3 Damage indicators for 10-story building model.
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10-Story Building: Inelastic Model

Ground Maximum | Maximum | Maximum | # of Plastic
Motion Drift AR V/wW Rotations
(cm) > 0.01 rad
Oxnard 0.0159 54 0.213 0
Sylmar 0.0234 88 0.243 66
E.P. GO5 0.0588 125 0.260 246
Tabas 0.0215 84 0.245 37
Takatori 0.0341 98 0.236 403

Table 10.4 Damage indicators for 10-story building model.

10-Story Building: Oxnard
‘Maximum | Maximum | Maximum
Model Drift AR V/W
(cm)
Random 0.0218 49 0.206
Inelastic 0.0159 54 0.213
Elastic 0.0236 87 0.421

Table 10.5 Damage indicators for 10-story building model.

10-Story Building: Oxnard Rotated

Maximum | Maximum | Maximum | Number of
Rotation Drift Ap V/W Fractures
(cm)
0° 0.0218 49 0.206 129
22.5° 0.0250 58 0.215 133
45° 0.0256 60 0.214 123
67.5° 0.0220 66 0.202 114
90° 0.0211 51 0.203 132

Table 10.6 Damage indicators for 10-story building model.
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10-Story Building: Sylmar Rotated

Maximum | Maximum | Maximum | Number of
Rotation Drift Ap V/W Fractures
(cm)
0° 0.0401 71 0.231 108
—45° 0.0283 83 0.194 170
45° 0.0276 79 0.197 184
180° 0.0380 67 0.228 112
135° 0.0271 81 0.191 163

Table 10.7 Damage indicators for 10-story building model.
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Chapter 11

Building Comparisons

Several issues pertaining to the results of the three buildings are investigated to-

gether in this chapter. Trends and correlations are determined or refuted.

11.1 Imelastic Model

The response of the inelastic model for the three buildings to the five ground motions
are tabulated for various parameters. In table 11.1, the number of member ends
exceeding 0.03 radians of plastic rotation are given.

The GO5 record produces significant plastic rotations in all three buildings. It
is interesting to note that the 17-story building does not have the base of every
column in one story yielding significantly the way the 13 and 10-story buildings do
for this record (figures 8.80, 9.58, and 10.68). The G05 ground motion is a strong
displacement pulse. The period of the 17-story building allows the ground pulse
to spread the inelastic behavior throughout the building. The pulse duration and
building period are such that the response is proportional to the first mode, and
hence is spread throughout the structure. The pulse is too strong for the stiffer 13
and 10-story buildings to gradually spread resistance leading to the development of
a weak story with yielded column bases.

The Tabas record causes large plastic rotations only in the 17-story building
(figure 8.81). As opposed to the G05 pulse that caused more local damage to the 10

and 13-story buildings, the frequency content of the Tabas motion is closer to the
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fundamental period of the 17-story building, so this building suffers more damage
than the other buildings.

The amount of severe plastic hinging is limited to the G05 record for all buildings
and to the Tabas record for the 17-story building. In table 11.2, the number of
member ends exceeding 0.01 radians of plastic rotation are given. This level is
moderate, and below the capacity that engineers expect connections to safely reach
without fracture. The Oxnard ground motion is the only record that causes no
yielding above 0.01 radians. As mentioned in the previous chapters, this excitation
produces only modest inelastic response. The other four records clearly produce
inelastic behavior in the buildings.

From the perspective of the Uniform Building Code, buildings are allowed an
0.03 inelastic drift (the elastic analysis drift limit is 0.03/R,, = 0.0025 for SMRF
buildings). This implies that ground motions larger than the code specifies have
been used in this work. The Tabas record produces story drifts greater than 0.03
in the 13 and 17-story buildings, the Takatori record in the 10-story building, and
the GO5 record in all three buildings. All the other ground motion and building
combinations produce maximum story drifts below this limit.

The columns in the 17 and 13-story buildings do not yield much, but a significant
number of the columns in the 10-story building do yield. This behavior is interesting,
and should be compared to the strong-column/weak-beam (SCWB) code provisions
discussed in section 10.2. In table 11.3, the number of joints in each building that
exceed a B/C ratio of 1.0 are given for each of the five ground motions and the
static analysis. Note that actual, not nominal, yield strengths are used to calculate
these values and recall that the 10-story building analyses assume that the nominal
values are the actual values. The B/C ratio is a function of member size and material
strength. Differences exist due to the column plastic moment strength being reduced
for axial forces that result from each analysis.

Figures 11.1-11.3 show the B/C values for static analysis using actual strengths.
The 17-story building has only 16 joints where the SCWB provision is not met.

They are in upper levels that are not loaded as severely for a pulse ground motion
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like the G05 record. The 13-story building has 80 joints that exceed the limit. Note
that this code provision was recommended by SEAOC in 1990 (SEAOC 1990), so
neither of these buildings were required to satisfy it. For the 13-story building, most
of the joints that fail the criterion are in the upper levels. The second story interior
joints, however, barely meet the provision with B/C ratios of 0.99. The column
yielding seen in the G05 response occurs at this level. As mentioned earlier, the
17-story building did not exhibit this behavior for the G05 record, and the lower
B/C ratios could partially explain this.

Every joint in the 10-story building satisfies the SCWB provision for static load-
ing. The column yielding experienced in the G05 response does not correlate with
the B/C ratios for this building, even when calculated for the axial forces of the G05
ground motion instead of the static case (figure 11.4). Thus, the B/C ratio cannot
explain the behavior resulting from the G05 ground motion. Many simplifying as-
sumptions are made in the SCWB provision about moment distribution at a frame
joint.

This behavior is better explained by considering the ground motion as a shear
wave travelling up the building. The shear strain induced in the building can be
approximated as the ground velocity divided by the building wave velocity (Heaton
1995). This strain is analogous to story drift. The wave velocity in a building can be
approximated by dividing the height of the building by the time difference between
peak ground and roof displacements during a pulse motion. For the three buildings
investigated, the wave velocity is roughly 80 m/sec. As damage occurs, this will
reduce. Three of the five records exceed 120 cm/sec maximum ground velocity so
the corresponding strain will thus be 0.015. The maximum story drifts for these
three records (Sylmar, G05, and Takatori) all exceed this value. A strain of 0.015
is large enough to induce inelastic behavior, so the larger drifts can be attributed
to yielding.

Assuming the first story is 4 meters tall, the time it takes a ground pulse to
reach the second story is 0.05 sec. If the ground is moving at 120 cm/sec, it will

have displaced 6 cm before the travelling shear wave begins to act on the second
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story. Looking back at the plastic rotation plots for all three buildings responding to
the GO5 record (figures 8.80, 9.58, and 10.68), the lowest non-stiff story has plastic
rotations at the column bases in the N-S direction that can be explained by this time
lag in response. This dynamic consideration of pulses travelling through buildings
has not been considered much by practicing engineers. Jafak (1997) considers ver-
tical shear-wave propagation in a layered medium that includes the building stories
and bedrock layers. Further development of such simplified techniques may provide
more information about structural behavior than other code-accepted techniques
such as pushover and response spectrum analysis.

Referring again to the SCWB results in table 11.3, it can be seen that the load
level of all five ground motions exceeds the static loading. Each record produces
more joints that exceed allowable B/C ratios than the static loading does. The 10-
story building has the greatest difference between static and time-history results,
which can partially be attributed to the fact that it has more joints with B/C close
to 1.0 than the other buildings do.

The number of joints with B/C exceeding 1.0 does not correlate with the number
of columns exceeding 0.01 radians plastic rotation (table 11.2). This indicates that
the B/C ratio is not a good indicator of potential column yielding. The fact that
so many joints do not meet the SCWB criterion for the 13-story building while so
few columns exceed 0.01 radians of plastic rotation for the five ground motions also
indicaﬁes that failing the SCWB criterion does not necessarily mean columns will
yield before beams do.

The plastic rotations of the panel zones for the inelastic model are given for each
building and ground motion in table 11.4. The panel zones in all three buildings have
been sized to meet the provision discussed in section 7.1.4. Little inelastic behavior
is observed in the panel zones relative to the beam or column ends. Only the 10-
story building with the G05 record produces panel zone plastic rotations greater
than 0.01 radians. For this same record, 138 column ends exceed 0.01 radians of
plastic rotation. While investigating the SCWB provisions of the 94 UBC, it was

found that the moments in beams corresponding to panel zone shear strength always
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exceeded the beam plastic moment for the all three buildings. This means that the
beams should yield before the panel zone does. The panel zones in all three buildings
are strong and so further study of them is not warranted in this work.

The maximum story drift, the maximum base shear ratio V/W, and the per-
centage of member ends with plastic rotations exceeding 0.01 radians are compared
for each building and ground motion in table 11.5. The information in the table
is also presented in figure 11.5. No correlation can be seen between drift and base
shear, drift and plastic rotations, or base shear and plastic rotations. One trend
can be seen for the relationship between base shear and period. It appears to be
a roughly inverse relationship. The UBC calculates V/W as a function of 1/T, so
this result is well established. The stiffer the building (smaller T), the more load it
attracts, even under damaged conditions as extensive as collapse.

Returning to the table, the maximum story drift has substantial variation be-
tween the three buildings. The highest drift in the 13-story building occurs for the
GO05 and Takatori records. The highest drift in the 13-story building occurs for the
GO05 record. The highest drift in the 17-story building occurs for the Tabas record.
Local damage indicated by the maximum story drift cannot be predicted by sim-
plistic code formulas that consider only the fundamental period in a tall building.
A static analysis with load distributions that assume predominantly first-mode re-
sponse will also be a poor indicator of local damage that can occur from ground
motions with energy at higher frequencies.

Looking at the figures of response parameters, the base shear ratio is roughly
constant for all three buildings if the Oxnard record is omitted. The Oxnard re-
sponse is mostly elastic, whereas the response to the other ground motions results
in saturated values of base shear. Once inelastic response occurs, further loading
is limited by changes to the building period and hysteretic damping. This could
explain why very different levels of damage could exist for each ground motion

response while the base shear remains almost constant.
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11.2 Fracture Models

The fracture models which best represent the measured response are used for com-
parison: the poor performance fracture model for the 17-story building, the Maison
random fracture model for the 13-story building, and the Hall random fracture
model for the 10-story building. The maximum story drift, the maximum base
shear ratio V/W, and the percentage of beam connections that fracture are com-
pared for each building and ground motion in table 11.6. The information in the
table is also presented in figure 11.6, which shows little correlation between drift
and damage, drift and base shear, or base shear and damage. As with the inelastic
model, the V/W ratio is again inversely proportional to the building fundamental
period and roughly constant when inelastic response occurs.

In terms of the maximum story drift, the strong pulse records (G05 & Tabas)
affect the taller, longer period buildings. The ranking of the drift is the same as the
base shear for the remaining records. The stiffer 10-story building attracts more
load and suffers greater local damage. As with the inelastic model, local damage
(story drift) and global damage (% fractures) do not correlate with each other or

with base shear.

11.3 Fracture vs. Inelastic Models

Figure 11.7 compares the percentage of damage resulting from the fracture and
inelastic models. There is no apparent correlation, which means an inelastic analysis
will not predict the level of damage to occur if the building is susceptible to fractures.

An additional comparison is made between the inelastic and fracture models
in figure 11.8. Comparing base shear values, the fracture model has consistently
lower base shears. This implies the buildings were damaged more, reducing their
stiffness and the amount of load they can attract. Looking at the drifts, the fracture
model almost always has larger maximum story drifts. Note that the three collapses
for the fracture model are not plotted, but they also support this behavior. The

correlation between drift ratios and base shear ratios is not perfect due to the fact
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that damage can be localized or spread. An example in which the fracture model has
lower base shear and lower maximum drift is the response of the 17-story building
to the Takatori ground motion. In this case, the fractures are spread over a large
portion of the building, which releases a large amount of stored strain energy and
limits further loading due to reduced stiffness. The inelastic model remains stiffer,
which allows load to reach the weak upper stories that end up with more damage
than if lower levels yield as in the case of the fracture model. See figure 11.9, which
shows the building at the time of maximum story drift for both the fracture and
inelastic models. The horizontal displacements are scaled by a factor of 20. For most
other cases, fracture damage will be more severe than yielding, leading to higher

maximum drifts and lower base shear.

11.4 Peak Ground Motion Quantities

The damage of each building for both the fracture and inelastic models is ranked
in table 11.7. The ordering is based on both local damage (story drift) and global
damage (percentage of fractured connections or yielded ends) and is subjective to
some extent. If story drift is worse for one record than another record and the per-
cent of damaged connections is worse for the other record, the ranking is considered
equal. If collapse or significant drift occurs, this governs over the spread of damage
since it represents a severe condition.

Several peak parameters are presented for the five representative ground motions
in tables 11.8-11.10. The square root of the sum of the squares (SRSS) for the N-S
and E-W ground motions are present in the first table. The values corresponding to
N-S and E-W ground motions are presented in the following tables. For the SRSS
values, each of the parameters is ranked for the ground motions.

Comparing tables 11.7 and 11.8, the 17 and 13-story buildings correlate with the
peak displacement and peak displacement difference very well. The 10-story building
correlates better with peak velocity quantities. This makes sense considering the

response of a single degree of freedom (SDOF) oscillator. As T' — oo, the response
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(relative displacement) of the SDOF oscillator is proportional to the peak ground
displacement. As T' — 0, the response (force, acceleration) is proportional to the
peak ground acceleration. In between, there is a range of periods in which the
response is proportional to the peak ground velocity. The 17 and 13-story buildings
have longer periods, so their response and resulting damage are more proportional
to peak ground displacement. The 10-story building has a shorter period, so its
response and resulting damage correlate better with the peak ground velocity. The
UBC design of buildings uses acceleration based force levels, which tend to be more
accurate for even shorter period structures. The response of longer period structures
will not necessarily be proportional to the static loading imposed by the code. The
UBC does insist on further analysis for buildings taller than 73 m (240 ft), but this

can be limited to response spectrum analysis in many cases.

11.5 Response Spectra & Code Provisions

Response spectrum analysis is not performed in this work. Many simplifying as-
sumptions are made to perform such an analysis, even for elastic analysis. It is
highly approximate, and the difficulties of adjusting values for inelastic response
limit its use to elastic analysis. These ground motions cause inelastic nonlinear
response and Wilson (1997) states, “The use of nonlinear spectra, which are com-
monly used, have very little theoretical background and should not be used for the
analysis of complex three-dimensional structures. For such structures true nonlinear
time-history response should be used.”

The response spectra for the ground motions are investigated to determine if
there are any correlations to be made with building damage. The pseudo-spectral
accelerations (PSA) corresponding to the fundamental mode of each building are
given in table 11.11. The full spectra for each ground motion can be seen in the
figures of Appendix A. Comparing the tabulated PSA values to damage levels shows
that they clearly do not correlate. Looking solely at the fundamental mode spectral

value ignores higher mode response. A weighted average or other means could be
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used to attempt to account for higher modes, as in a full response spectrum analysis.
Even then, pulses and periodic ground motion may appear to have the same PSA
even though a pulse can sometimes be much more damaging.

One interesting comparison to be made using the response spectra is with the
code spectrum. The five representative ground motions and the unreduced 1994
UBC spectrum are shown together in figure 11.10. To get a better look at the
range of periods of concern for the buildings investigated, the five ground motion
spectra are plotted as multiples of the UBC spectrum in figure 11.11. The ﬁlues
corresponding to the fundamental period of the three buildings are marked for each
ground motion on these plots. For the 10-story building, all five ground motions
produce accelerations that exceed the code value. For the 13-story building, all five
N-§S ground motion components and four E-W ground motion components exceed
the code value. The 17-story building has only two E-W and N-S components exceed
the code value.

The UBC has changed the spectrum in light of the Northridge earthquake and
other recent strong ground motion recordings. In the 1997 UBC (ICBO 1997), they
include near-source and soil-specific modifications to the spectrum to account for the
previously unknown and unrecorded strong motions. A typical site in Los Angeles

will have the following parameters:
e Source B
e Soil S¢
o Distance < 2 km

This represents a site situated over any one of a number of large faults in Los Angeles
County with very dense soil or soft rock. Figure 11.12 shows the resulting 1994 and
1997 spectra plotted together. While the 1997 spectrum is roughly 35% larger than
the 1994 spectrum for a broad range of periods, the five ground motions will still
exceed the response spectra code values to a great extent.

The code allows the base shear obtained from a response spectrum analysis to

be scaled to the base shear of the static lateral force procedure. These static forces
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are higher under the new code, with special lower limits imposed that increase the
force on buildings with higher periods (figure 11.13). In this figure, strength design
is assumed and the base shears are scaled appropriately for the code-specific load
factors. The 1997 UBC has a 34% increase in design load for structures with periods
larger than 2.1 seconds.

For tall buildings with long periods, the drift limits govern the design rather
than the stresses. The base shear used to calculate drift limits divided by the drift
limit itself will give a minimum story stiffness. This unitless stiffness requirement is
shown in figure 11.14 for each code. Both codes have different drift limits for periods
above and below 0.70 seconds, which explains the discontinuities in the figure. The
1997 code requires 40% more stiffness than the 1994 code for a period of 2.0 seconds,
and 160% more for a period of 5.0 seconds.

A comparison of relative force levels for strength design and stiffness design are
given in table 11.12. The equivalent stiffness takes into account differences in both
drift limits (A) and the forces (V') used to calculate story drifts. If strength governed
the design, the 10, 13, and 17-story buildings would all have to be 1.34 times stronger
to satisfy the 1997 code as compared to the 1994 code. Assuming drift limits govern
the design of tall moment frames, the 10, 13, and 17-story buildings would have to
be 1.50, 1.83, and 2.59 times stiffer, respectively, for the 1997 code compared to the
1994 code.

It is unclear as to whether making steel moment frames stiffer is going to be
advantageous. Engineers may use even larger members than before that are more
susceptible to flaws in materials and construction. Fortunately, the 1997 UBC has
also introduced a factor (p) that requires a certain level of redundancy in the system.
By this provision alone, the lateral system of the 17-story building would not be

permitted, regardless of member sizes and corresponding strength and stiffness.

11.6 Figures
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Figure 11.3 B/C ratios for the 10-story building and static analysis.
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Figure 11.4 B/C ratios for the 10-story building and the E. P. G05 ground motion.
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Figure 11.5 Response parameters for the inelastic model.
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Figure 11.6 Response parameters for the fracture models.
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Figure 11.10 Response spectra of time histories.
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Figure 11.12 Comparison of 1994 and 1997 UBC response spectra.
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Comparison of Factored Design Forces for Strength Design
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Figure 11.13 1994 and 1997 UBC force levels, allowable stress design.
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Comparison of Required Story Stiffness to Satisfy Drift Limits
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Figure 11.14 1994 and 1997 UBC force levels, displacement calculations.
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Plastic Rotations Greater than 0.03 Radians for Inelastic Models
Building Oxnard Sylmar | E.P. G0O5 | Tabas Takatori
17Story Girders 0 0 41 36 0

Columns 0 0 0 3 0
Girders 0 0 82 0 0
13-Story
Columns 0 0 12 0 0
i 4 0
10-Story Girders 0 0 5 0
Columns 0 0 10 0 0

Table 11.1 Member-end plastic rotations for inelastic models.

Plastic Rotations Greater than 0.01 Radians for Inelastic Models
Building Oxnard Sylmar | E.P. GO5 Tabas Takatori
17-Story Girders 0 4 98 80 38

Columns 0 0 5 7 0
Girders 0 57 186 135 140
13-Story
Columns 0 0 44 0 0
Girders 0 40 108 13 191
10-Story
Columns 0 26 138 24 212
Table 11.2 Member-end plastic rotations for inelastic models.
11.7 Tables
Strong-Column/Weak-Beam Criterion
Number of joints with B/C > 1.0
Building || Static | Oxnard | Sylmar | E.P. G05 | Tabas | Takatori
17-Story 16 18 18 17 24 17
13-Story 80 96 97 90 107 96
10-Story 0 20 109 15 149 57

Table 11.3 Joints not meeting the strong-column/weak-beam criterion.
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Panel Zone Plastic Rotations in Radians for Inelastic Models

Building Oxnard Sylmar | E.P. G05 Tabas Takatori
> 0. 1 1
17-Story 6p > 0.005 0 0 8 0 5
6p > 0.010 0 0 0 0 0
f0p > 0. 40 0
13-Story p 2 0.005 0 0
0p > 0.010 0 0 0 0 0
0p > 0. 1 29 4
10-Story p > 0.005 0 9 3 6
ép > 0.010 0 0 17 0 0

Table 11.4 Panel zone plastic rotations for inelastic models.

Comparison of Building Response for Inelastic Models
Maximum % of Member
Story Maximum Ends with
Drift VIW 6, > 0.01
17-Story 0.0097 0.060 0
Oxnard | 13-Story 0.0140 0.114
10-Story 0.0159 0.213 0
17-Story 0.0213 0.141 0.5
Sylmar | 13-Story 0.0259 0.171 4.6
10-Story 0.0234 0.243 5.0
17-Story 0.0613 0.142 13.6
E.P. G05 | 13-Story 0.0848 0.186 18.7
10-Story 0.0588 0.260 18.6
17-Story 0.0742 0.132 11.5
Tabas 13-Story 0.0317 0.169 11.0
10-Story 0.0215 0.245 2.8
17-Story 0.0278 0.154 5.0
Takatori | 13-Story 0.0284 0.159 114
10-Story 0.0341 0.236 30.5

Table 11.5 Comparison of damage parameter for five records.
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Comparison of Building Response for Fracture Models
Maximum % of Beam
Story Maximum Ends with
Drift V/Iw Fractures
17-Story 0.0113 0.060 3.6
Oxnard | 13-Story 0.0150 0.098 4.6
10-Story 0.0218 0.206 12.2
17-Story 0.0190 0.104 17.8
Sylmar | 13-Story 0.0278 0.147 15.1
10-Story 0.0431 0.229 19.9
17-Story collapse 0.097* 32.9*
E.P. GO5 | 13-Story collapse —x* 15.7*
10-Story 0.1144 0.220 14.9
17-Story collapse 0.087* 34.4*
Tabas | 13-Story 0.0517 0.143 23.8
10-Story 0.0430 0.234 23.0
17-Story 0.0226 0.108 39.6
Takatori | 13-Story 0.0367 0.135 26.5
10-Story 0.0415 0.218 23.3

Table 11.6 Comparison of damage parameter for five records. * Indicates values prior to
collapse. ** Indicates program crashed and data lost.

Ranking of Damage
17-Story | 17-Story | 13-Story | 13-Story | 10-Story | 10-Story
inelastic | fracture | inelastic | fracture | inelastic | fracture
model model model model model model

Oxnard 5 5 5 5 5 5
Sylmar 4 4 4 4 3 2
E.P. G05 1 1 1 1 1 1
Tabas 1 2 2 2 4 2
Takatori 3 3 2 3 1 2

Table 11.7 Ranking of damage for each building and five ground meotions.
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Peak SRSS Ground Motion Quantities and Ranking

Amam Vma:z: D max Amam‘Amin Vmaa: - V'rm'n D maw‘D min
cm/sec? | em/sec cm cm/sec? cm/sec cm
Oxnard 510 (5) | 71 (5) 14 (5) 960 (5) 135 (5) 28 (5)
Sylmar 1018 (2) | 150 (3) | 37 (4) 1675 (4) 225 (4) 63 (4)
E.P. GO5 || 960 (3) | 171 (2) | 179 (1) 1831 (2) 312 (2) 179 (1)
Tabas 1261 (1) | 150 (3) | 95 (2) 2298 (1) 285 (3) 177 (2)
Takatori 894 (4) | 173 (1) | 49 (3) 1701 (3) 315 (1) 86 (3)
Table 11.8 Peak SRSS ground motion quantities with ranking.
Peak N-S Ground Motion Quantities
Amaa: Vmam D mazx Ama:z: 'Amin Vma.'z:"Vmin D ma,m‘-D min
cm/sec® | em/sec | cm cm/sec? cm/sec cm
Oxnard 403 57 12 759 111 23
Sylmar 827 129 31 1405 186 55
E.P. G05 632* 134 164 1236* 263 164
Tabas 919 114 88 1649 222 163
Takatori 606* 123 39 1131%* 238 64

Table 11.9 Peak N-S ground motion quantities. * Indicates E-W is larger.

Peak E-W Ground Motion Quantities

Ama,w Vmaz D max Amaz 'Am'in Vmam'Vmin D maa:'D min
cm/sec? | em/sec | cm cm/sec? cm/sec cm
Oxnard 313 42 8 587 76 16
Sylmar 593 77 20 912 127 30
E.P. G05 723* 106 72 1351* 168 72
Tabas 863 98 36 1601 179 70
Takatori 657* 122 30 1270* 207 57

Table 11.10 Peak E-W ground motion quantities. * Indicates N-S is smaller.




434

Pseudo-Spectral Accelerations (in g’s) for 5% Damping

Building Oxnard Sylmar | E.P. GO5 Tabas Takatori
-W . . 1 2 .
17-Story E 05 05 3 3 08
N-S .04 .09 31 .53 .10
E-W 12 31 2 3 45
13-Story 3 9 8
N-S 27 44 .62 .33 .26
E-W . . . . 1.07
10-Story 59 59 36 55 0
N-S .38 .63 71 .57 1.31

Table 11.11 PSA values at the fundamental period of each building.

Equivalent
Period | Strength Stiffness
Building || (seconds) | Vor/Vaa | (V/A)er/(V/A)g4
10-Story 2.16 1.34 1.50
13-Story 2.93 1.34 1.83
17-Story 4.91 1.34 2.59

Table 11.12 Code comparison of design base shears.
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Chapter 12

Conclusions

A sophisticated three-dimensional nonlinear inelastic program has been developed
that can accurately model many nonlinear properties commonly ignored or approx-
imated in other programs. The program can assess and predict severely inelastic
response of steel buildings due to strong ground motions.

Two buildings damaged in the Northridge earthquake have been investigated
to verify the ability of the program to predict the level of response and the extent
and location of damage measured. A third building has been studied to assess
three-dimensional effects on a realistic irregular building.

The effect of larger near-source ground motions has been explored. Various re-
sponse parameters are used to determine what correlations can be made for inelastic

response.

12.1 Conclusions

Several conclusions can be made based on the analyses performed with the program.

These are grouped into modeling issues, ground motions, and building response.
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12.1.1 Modeling Issues
Validation

The three-dimensional constraints and column elements developed in this work have
been validated by successful use of the program to match measured data of two
buildings damaged in the Northridge earthquake. The damage and the penthouse
response matched reasonably well for the 17-story building for two representative
ground motions recorded close to the building site. No basement motion recordings
were made, so a closer match to the data is not expected. The calculated response
and damage of the 13-story building match the actual levels well. These matching
responses give confidence in using the program to predict damage levels for other

excitation levels or to assess retrofit schemes.

Three-Dimensional Analysis

More damage is observed in one of two parallel frames in the 17-story building,
indicating the importance of three-dimensional analysis. Reversing the transverse
component of the ground motions causes the damage to switch sides. Ground motion
direction must be coﬁsidered carefully.

The 10-story building has one vertical plane of symmetry, and the center of mass
coincident with this plane. Random fractures can introduce torsion to a balanced
symmetric structure loaded in the plane of symmetry.

A two-dimensional record applied at arbitrary angles to the 10-story building
produces torsional response of significantly different levels. The 10-story building is
irregular in plan, but the center of mass and center of rigidity match well, reducing
torsional response. In addition to torsional response, damage levels are significantly

affected by rotation of ground motion input.

Nonlinear Time-History Analysis

Engineers expect buildings to suffer some inelastic response to strong ground mo-

tions, but current practice does not predict the localized, higher-mode and other
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responses seen in this work. Nonlinear time-history analysis should be a require-
ment for buildings with longer periods. Care must be taken in drawing conclusions

front highly variable nonlinear response.

Model Comparisons

Unfortunately, the inelastic model will not predict the level of damage to occur if the
building is susceptible to fractures. Dramatic changes in building response can occur
depending on which model is being used. Inelastic models can provide insight into
how a building will respond to severe ground motions. If an existing building that
has potentially bad welds or connections is being investigated, it would be prudent

to use a separate model with fractures represented if life safety is a concern.

12.1.2 Ground Motions
Strong Ground Motions

The Elysian Park GO05 simulated ground motion causes damage greater than the
code expects from current design levels. Even with perfect connections, many plastic
rotations greater than 0.03 radians are recorded for all three buildings. This is a
practical limit of ductile response, since engineers do not expect steel moment frames
to sustain larger inelastic deformations. The 17-story building also suffers more
damage from the Tabas ground motion than one would expect from the code. While
these ground motions produce building drifts exceeding code-anticipated levels, four
of the five selected ground motions cause moderate to severe inelastic behavior even

with perfect connections.

Pulses

A moderate ground pulse can cause greater observable damage (story offset) relative
to strong random-like ground motion that can cause hidden fractures throughout a
building with little observed offset or damage. Damage is not proportional to any

ground motion parameters that were examined.
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Maximum story drifts may be equal for very different ground motions. A pulse
causing localized damage in lower stories may produce the same maximum story
drift as a sustained random or quasi-periodic ground motion that causes damage
throughout the height of a building.

Strong ground motion pulses can cause lower level columns to yield before the
energy can reach the next level. Code prescribed formulas for ensuring that columns
are stronger than beams do not prevent pulses from initiating column yielding prior

to beam yielding.

Dynamics

Internal reflections at higher frequencies can occur in buildings with zones of local
damage producing reflecting surfaces. This type of amplified response at higher
frequencies cannot be approximated with response spectra or elastic analyses.

The energy imparted to a building can transfer from lateral to torsional modes
as damage occurs during the excitation. These changing energy levels point out the
importance of nonlinear time history analysis over response spectrum or elastic time
history analysis.

Pulses and other dynamic effects are not considered in building codes. New
provisions attempt to account for stronger ground motions through the use of near-
source factors. Buildings designed with these codes will be stronger and stiffer, but
the dynamic nature of the ground motion can produce results that the larger static

forces and spectral quantities cannot predict.

Directivity

The importance of ground motion directivity is clear. Rotation of ground motion

input can significantly affect damage observed.
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12.1.3 Building Response
Higher-Mode Response

The 17-story building has uniform strength as determined from static analysis, but
local upper level damage occurs due to some ground motions, showing the impor-
tance of higher mode response on tall buildings. Static analysis will not account for
such effects.

For the same ground motion, differences in building period can cause buildings
to react in the first mode only or in higher modes.

Buildings are designed to specified base shear levels in the Uniform Building
Code. Higher mode effects are not associated with the largest base shear in general.
The base shear will be higher when all masses in the building are accelerating in the
same direction (first mode) rather than when masses move in opposite directions
(higher modes). A code design for specified base shear and drift limits is based
on first mode response. Higher-mode loading reversals can cause a great deal of

damage while limiting both the base shear and the maximum roof drift.

Damage

The number of fractures in a building does not necessarily correlate with the ex-
tent of damage or cost of retrofit. Spread damage can be good in some instances
when it releases stored strain energy and changes the natural frequencies, prevent-
ing concentrated damage that could cause extreme story drifts. Repairing fractured
connections throughout a building that has its beams and columns remain essen-
tially elastic is cheaper than demolishing a building that has localized plastification
in a lower story and no fractures.

The damage levels resulting from strong motions can be dramatically different
based on the model. A good example of this is the difference in response between
the inelastic and fracture models of the 13-story building responding to the Tabas

ground motion.
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Fractures

The fractured connections of the 13-story building could easily have existed before
the Northridge earthquake. The best match of measured data occurs when all the
failed connections are pre-fractured.

For the 13-story building, it is not possible to match the data without consid-
ering size effects on the quality of welded connections. The building suffered many
fractured connections in the lower story W36 girders, yet static analysis and inelastic
time-history analysis do not predict such behavior. Even the strong pulse motions
do not fracture these lower stories when using the 8p = 0.02 radians model.

Fractures can reduce the building response by releasing more energy than inelaé—
tic yielding of members can through hysteretic damping. For certain levels of ex-
citation, fractures can result in lower permanent offsets. However, stronger ground
motions can cause fracturing that produces drift levels far in excess of inelastic
yielding behavior.

Fracture models have lower maximum base shears than the inelastic models, but
not necessarily higher maximum drifts. The inelastic-model displacement response

will not always be a lower bound to fracture-model response.

Panel Zones

Panel zones of the three buildings investigated have strengths exceeding the beam
plastic moments, so plastic rotations are small and not a large contribution to the

overall inelastic behavior.

Strong-Column/Weak-Beam Provisions

The 13-story building responses show that failing to meet the strong-column/weak-
beam (SCWB) criterion does not mean column hinging will necessarily occur during
inelastic response. The 10-story building responses show that meeting this code
provision for static loading may not prevent column yielding. The SCWB criterion

should be reassessed.
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The yielding of column bases in all three buildings in response to strong ground
pulses cannot be predicted with current code provisions. This behavior is better

explained by considering the ground motion as a pulse travelling up the building.

Base Shear

For elastic and minimal inelastic response, increased damage increases drift with
rising load levels. However, higher levels of damage increase damping and lower
load levels while reducing displacement response levels.

The 10-story building did not collapse under any of the ground motions consid-

ered. Newer designs can survive ground motions while attracting more load.

Correlations

No correlation was observed between story drift and base shear, story drift and
damage, or damage and base shear for either the inelastic or fracture models.

Even under damaged conditions as severe as collapse, the base shear correlates
reasonably well with the inverse of the fundamental period. Beyond a certain level
of inelastic behavior, the base shear is saturated. A wide range of damage levels
can exist for relatively constant maximum base shear, so it is a poor indicator of
building response.

Larger period buildings correlate best with peak displacement parameters of
ground motions. Medium period buildings correlate best with peak velocity pa-
rameters. The code is based on accelerations, which are the best match for shorter

period buildings.

Code Issues

Pulses and random or quasi-periodic ground motion may appear to have the same
pseudo-spectral accelerations used in response spectrum design even though the
pulse can sometimes be much more damaging.

The maximum story drift occurs in each of the three buildings for different

records. Since drift does not correlate well with base shear or other ground motion
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parameters, one cannot predict which record will be the most damaging for each
building.

Local damage does not correlate with code provisions that are based on first
mode response, indicating a need to include higher-mode response in future revisions
to the code.

The 1997 UBC will not necessarily produce safer tall buildings. The buildings
will definitely be stiffer and possibly stronger, but designers may end up using
larger section sizes more susceptible to fracture. Stiffer buildings will attract more
load, which may be more problematic if the building does not have a corresponding

increase in strength.

12.2 Final Remarks

It is the author’s strong belief that nonlinear time history analysis is the only tool
available that can properly assess three-dimensional response of buildings to extreme
ground motions. Little correlation between design response parameters and damage
indicators was observed in this work. The author would like to see code provisions
adopted that require such analyses for tall buildings located in the near-field of fault

ZOones.

12.3 Future Work

Areas that require further study are listed below.

e Look at buildings in which panel zones are weaker than beams to assess the

inelastic response of such existing buildings.

e Explore eccentrically braced frames and other systems that depend on fuse
mechanisms to dissipate energy. Determine their behavior for extreme ground

motions that may invalidate the design philosophy.

e Further development of simplified techniques to examine ground motions as

waves travelling through buildings. These techniques can be corroborated
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with use of this program and may provide more information about structural
behavior than other code-accepted techniques such as pushover and response

spectrum analysis.

Perform a parametric study of realistic irregular buildings with varying dis-
tances between the center of mass and center of rigidity. Most existing studies
are on regular buildings with eccentric mass. Studies of realistic buildings will

be beneficial to future design.

Perform a parametric study of near-source pulse ground motions. Much of the
damage observed in the building investigations occurred during the first five
seconds of ground motions. Code-specified pulses in conjunction with other
existing provisions may limit the need for multiple nonlinear time history -

analyses to adequately predict near-source behavior.

Add additional elements to the program that can model base isolators, friction
pendula, unbonded braces, and other dissipative devices that are gaining use

in seismic applications.

Improve modeling of soil-structure interaction. Currently, a bilinear spring
with kinematic hardening and different yield levels for compression and tension

is being used.
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Appendix A

Recorded Motions

Ground motions used in this report were recorded during the 1994 Northridge earth-
quake, the 1995 Great Hanshin earthquake and the 1978 Tabas, Iran earthquake.
Additionally, ground motions from an Elysian Park simulation are used. In all
cases, corrected accelerations were used with constant time steps. Ground motions
with time steps other than 0.02 seconds were decimated using MATLAB. The table
below provides pertinent information of each ground motion used and includes the
two roof records used.

Each ground motion is presented graphically in the following figures. The cor-
rected recorded ground acceleration for east-west (E-W) and north-south (N-S)
motions are plotted. Velocity and displacement histories are integrated assuming
constant acceleration time steps. Some de-trending is performed in these integra-
tions. The maximum and minimum of acceleration, velocity and displacement are
given on their respective plots. The ground acceleration records are used to calculate
response spectra for 5% damping. The pseudo accelerations are plotted, including
the maximum value and the values which coincide with the three building funda-
mental periods, denoted Ty7, T3 and T19. Each plot type — acceleration, velocity,
displacement, response spectrum — uses the same total scale for each ground mo-
tion to facilitate comparisons between the various records. Some axes are shifted,

but the scale is the same.
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Time
Recorded Reference Step | Notes
Motion (sec)
Oxnard #4 || Darragh et al. 1994 | 0.02 | 13-Story basement and roof
Canoga #2 || Darragh et al. 1994 | 0.02 17-Story roof only
Canoga USC 1994 0.02 | Free field near above buildings
Sylmar Darragh et al. 1994 | 0.02 | Parking lot free field
Rinaldi Chen and Iwan 1994 | 0.005 | Largest Northridge ground motion
E.P. D05 Wald 1994 0.02 | Velocity converted to acceleration
E.P. G05 Wald 1994 0.02 | Velocity converted to acceleration
E.P. J0O6 Wald 1994 0.02 | Velocity converted to acceleration
Tabas Tabas 1978 0.02 | Used in SAC studies
Takatori Kobe 1995 0.01 | Strong periodic motion from Kobe
Kobe JMA Kobe 1995 0.02
Kobe NGT Kobe 1995 0.01

Table A.1 Summary of recorded motions used in this work.
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Figure A.1 Canoga Park record parameters.
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Figure A.2 Oxnard Blvd. #4 record parameters.
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Sylmar Prkg Lot, East

Sylmar Prkg Lot, North
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Figure A.3 Sylmar parking lot record parameters.
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Rinaldi Station, East Rinaldi Station, North
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Figure A.4 Rinaldi Station record parameters.
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Elysian Park D05, East

Elysian Park D05, North
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Figure A.5 Elysian Park, D05 simulated record parameters.



@ 850 850
. 723
e 604
e
5 o 0
©
o
3 -628 -632
< -850 : -850
0 5 10 15 20 25 0 5 10 15 20 25
160 y 160 y
Q 62 134
£
K=
2 0 0
[&3
o
()
> -106 -129
-160 : -160
0 5 10 15 20 2
_. 100 : : : - 0
g —_J\k\ﬂ——\_:i
i<
£
£ 0 1-100
Q
)
o
3] -0
2 _100 200 : '
5 10 15 20 25 0 5 10 15 20 25
Time (seconds) Time (seconds)
3.5 — g g 3.5
3.0
<
225
o
20
[<1]
3
815
8
S 1.0
[6}
& 0.5}

451

Elysian Park G05, East

Elysian Park GO5, North
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Figure A.6 Elysian Park, GO5 simulated record parameters.
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Elysian Park JO6, East

Elysian Park JO6, North
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Figure A.7 Elysian Park, JO6 simulated record parameters.
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JMA Kobe(JMA), East
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Figure A.8 Kobe JMA record parameters.
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Juto Shin—-Nagata (NGT), East

Juto Shin—-Nagata (NGT), North
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